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Abstract

A computational study was conducted to develop a reliability-based performance-based
design methodology for three-dimensional composite frames consisting of steel girders
and braces framing into RCFT beam-columns. A new mixed finite element formulation
was developed to simulate the geometrically and materially nonlinear response of both
RCFT beam-columns and steel members. The RCFT beam-column element was derived
with 18 degrees-of-freedom to account for the differential slip displacement between the
steel tube and the concrete core. The interface of the steel tube and concrete core
comprised a layer of nonlinear springs allowing shedding of force between the two
media. Comprehensive constitutive relations were derived to model the material
inelasticity of the steel tube, concrete core, and the steel and concrete interface under
random cyclic loadings. A corresponding formulation was developed for hot-rolled wide-
flange members to enable modeling of braced and unbraced composite frame structures.
The constitutive relations were calibrated and verified with respect to experimental tests
in the literature to account for key nonlinear phenomena such as bond breakage at the
interface, cracking and confinement of concrete core, residual stress distributions,
hardening, and local buckling of cold-formed steel tubes and hot-rolled steel members.
The accuracy of the mixed finite element formulation along with the material constitutive
relations were tested through analyzing a series RCFT and hot-rolled steel specimens
from the literature and comparing the computational and experimental response
parameters. The verification results confirm that the mixed finite element formulation
has the capability of producing realistic simulations for RCFT beam-columns, hot-rolled
steel girders, and RCFT frames subjected to three-dimensional static or transient dynamic
loading. The mixed finite element formulation was then utilized to perform demand
assessment and capacity assessment studies of RCFT frames. For this purpose, a series
of RCFT frames were designed according to the up-to-date design specifications.
Utilizing nonlinear time history analysis, the demand and capacity of these structures
were quantified, documenting the key response parameters critical for composite

structures. The dispersions in the analysis results due to randomness and uncertainties
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were then evaluated to derive the demand and capacity factors to implement

performance-based design of RCFT frames within a reliability framework.
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Chapter 1

1. Introduction

1.1. Steel and Concrete Composite Columns

Composite construction, which integrates steel and concrete materials in
individual structural members, has been shown to produce efficient design solutions in
building applications. This concept blends the most favorable characteristics of steel and
concrete materials such that structural members may be designed with high strength,
stiffness, and ductility.

Composite construction in the U.S. initiated in the 1960°s with the use of
composite steel girders in high-rise buildings. In late 1970’s, composite columns started
to become popular in the construction industry (Hooper et al., 1999). However, the
limitations and uncertainties in the available design provisions prevented their wide
spread and acceptance in the structural engineering communities. The recent
computational and experimental studies on composite beam-columns and connections
helped to improve understanding of their key inelastic characteristics such as slip,
cracking, confinement, yielding and local buckling (Shakir-Khalil and Zeghiche, 1989;
Shakir-Khalil and Mouli, 1990; Shakir-Khalil, 1993a, 1993b; Hajjar and Gourley, 1997,
Hajjar et al., 1997; Schneider and Alostaz, 1997; Hajjar et al. 1998a, 1998b; Koester,
2000; Peng, 2001; El-Tawil and Deierlein, 2001; Mehanny and Deierlein, 2001; Varma et
al., 2002a, b; Morino et al., 1993; Kawaguchi, 2000; Nishiyama et al., 2002; Tort and
Hajjar, 2003; Lin et al., 2004; Herrera, 2005). The wealth of information gained from
the research studies on composite beam-columns culminated in the development Chapter
I of AISC (2005) design specification. Compared to its predecessors, in AISC 2005, the
composite interaction is taken into account more accurately through improved
quantification of the concrete contribution to the flexural response. This approach helps

to reduce the over-conservatism introduced by neglecting the contribution of concrete



(Choi et al., 2006). Despite the improvement in design specifications for non-seismic
applications, guidance on earthquake resistance design of composite columns still
remains limited.

Three main types of composite beam-columns are commonly used in the
construction industry as illustrated in Figure 1.1. Steel-Encased Concrete (SRC) columns
are made up of a wide-flange steel cross-section placed inside a traditional reinforced
concrete column. Concrete- filled steel tube columns are constructed by pouring concrete
inside rectangular or circular steel tubes, which are designated as rectangular concrete
filled steel tube (RCFT) and circular concrete-filled steel tube (CCFT), respectively. The
manufacturing of the steel tubes is typically performed through cold-formed processes.
The cold-forming processes to obtain circular or rectangular shape steel tubes are applied
to a cooled steel plate of desired thickness and the final closed form is obtained with a
continuous seam weld (Sherman, 1992). In Japan, China, and Australia, it is also
common that the steel tube of RCFTs can be formed by welding of four plates at their
edges or by welding of two channel sections. The manufacturing technique of the steel
tubes might significantly affect the structural response since the type and distribution of
residual stresses depend on the fabrication processes. However, this feature of the

composite columns is not addressed in the current design specifications.

SRC RCFT CCFT

Figure 1.1 Typical Composite Column Types



Composite columns offer significant advantages over traditional steel and
reinforced concrete structures. The steel media contributes to the speed of construction,
light weight, strength, and ductility while concrete media provides damping, reduced
cost, and stiffness (Muhummud, 2003). The increased ductility and strength of the
concrete is attributed to the confinement pressure generated as a result of the composite
interaction. The concrete core of RCFT and CCFT columns force local buckling to occur
in an outward direction. Composite columns also maintain a significant proportion of
their load carrying capacity following the limit states of concrete crushing and steel
yielding. Concrete filling adds to the stiffness and strength of the steel columns and it
allows designing slender members with reduced cross-section sizes. This increases the
available floor area and reduces the painting costs to achieve an aesthetic appearance or
rust free surfaces where needed. Concrete in composite columns acts as a heat sink
causing a higher resistance against fire loadings. Under sustained loads, the performance
of composite columns is often very satisfactory. The deformation of concrete due to
creep and shrinkage causes load redistribution and increases the stresses in the steel
section. Therefore, a reduction in the capacity of the composite column may take place.
Despite the creep and shrinkage phenomena observed in composite columns, their effect
on the load carrying capacity is less pronounced compared to reinforced concrete
columns. The long term effects on composite column manifest themselves more
significantly in the case of slender columns and columns with large concrete area
(Grauers, 1993). For RCFT and CCFT columns, the concrete is well protected from
shrinkage since it is placed inside the concrete core. The use of composite columns also
provides benefits in the construction process. The separation of jobs at the construction
site can be achieved by erecting the steel frame ahead of the concrete casting operations.
In the case of RCFT and CCFT columns, no special formwork is required for concrete
casting, which helps easing the construction operations.

The common applications of CCFTs in the U.S can be found in braced frames of
high-rise buildings. CCFT columns with diameters ranging from 1 m to 3 m having
D/t ratios of about 100 are often used (Roeder et al., 1999). The two Union Square
building in Seattle is a typical example of buildings with large diameter and high strength
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concrete CCFT columns. The application of RCFT columns in the U.S. is very rare.
This research study is conducted to understand the behavioral aspect of buildings with
RCFT columns and augment the existing design provision to promote their use around

the nation.

1.2. Performance-Based Design Methodology

Performance-based design (PBD) methodologies in the U.S. have been developed
for earthquake resistant design of buildings following significant losses in the Loma
Prieta (1989) and Northridge (1994) earthquakes. The main motivation has been to
provide guidelines for designing structures having predictable response at multiple
loading levels with quantifiable confidence (Krawinkler, 1998). This approach is
expected to lead to more economical and safer building population in earthquake prone
regions.

PBD allows targeting multiple performance levels describing the damaged state of
buildings following earthquakes. The performance levels range from minor damage
(e.g., Immediate Occupancy) without any appreciable structural failure to significant
damage that puts the building on the verge of global collapse (e.g., Collapse Prevention).
Associating the structural performance levels with the expected ground motion hazard
levels defines the performance objectives. The performance objectives are selected to
meet the diverse needs of the stakeholders and they often have the same designation with
the structural performance levels. For example, Immediate Occupancy performance
objective often represents satisfying the Immediate Occupancy performance level under
earthquake loading with 50 % probability of exceedence in 50 years (50%/50years).
PBD guidelines provide the engineering procedures and parameters to design structures
satisfying the selected performance objectives.

The extensive computational and experimental work in developing PBD
guidelines for earthquake resistant design culminated in several documents that have
addressed the implementation of the PBD concepts in the U.S., including VISION 2000
(1995), ATC (1996), and FEMA (1997a, 2000a, 2000b). VISION 2000 (1995), ATC-58
(2007) is the pioneering document introducing a general methodology of PBD and



describing its main concepts such as performance objectives and seismic evaluation
techniques. In VISION 2000 (1995), several design and analysis approaches are
proposed and their applicability to different structure types and performance levels is
presented. FEMA (1997a) and FEMA (2000b) were prepared as the guidelines for
seismic rehabilitation of all building structures. The provisions in these two documents
discuss the improvement of seismic resistance of the overall structural system and its
components including both structural and nonstructural types. Therefore, the building
performance levels are also defined as a combination of individual structural and non-
structural performance levels. The evaluation of the structural performance levels is
conducted for each structural component considering their contribution to the global
system response as primary or secondary. The structural components are further
classified with respect to their behavioral pattern as deformation-controlled or force-
controlled. Based on these classifications, the acceptance criteria of the structural
components for the targeted performance levels are provided such that they will be
checked whether the expected damage will exceed the threshold values. The
performance evaluation of the structural components is conducted based on either force
or displacement measures depending on the analysis method adopted in determining the
force and displacements imposed by the earthquake loading. The structural performance
at the global system level is mainly described using qualitative expressions of damage
without any quantifiable acceptance criteria. FEMA (1997a) and FEMA (2000b) note the
uncertainty in the proposed performance evaluations. However, no methodology to
calculate the corresponding confidence levels is given. ATC (1996) provides guidelines
for seismic retrofit and evaluation of concrete structures. The structural and non-
structural performance levels are evaluated independently and together they define the
building performance. To decide whether a building satisfies a structural performance
level, design checks are conducted both at the global system level and at the structural
component level. The gravity and lateral load resistance of the structure, as well as, the
lateral deformations are compared to limiting values. In the case of structural
components, similar to FEMA (1997a) and FEMA (2000b), classifications are made

according to their behavioral nature (e.g., deformation-controlled and primary, force-



controlled and secondary etc.) and the performance is assessed based on force or
deformation limits. ATC (1996) introduces a powerful analysis method designated as the
Capacity Spectrum Method. This method utilizes the static nonlinear lateral load-
deformation response of the structure with the elastic response spectrum to determine the
maximum displacement expected under the given earthquake loading. No confidence
level calculation method is provided for the performance assessments proposed in ATC
(1996). FEMA (2000a) constitutes design recommendations of new steel moment-
frames. The new connection details developed after the Northridge (1994) earthquake
are introduced and their design methods are provided. FEMA (2000a) establishes a
reliability-based performance evaluation technique applicable to regular welded steel
moment frames, where uncertainties are taken into account through probabilistic
confidence statements associated with the targeted performance level. The performance
objectives are defined as Immediate Occupancy and Collapse Prevention. The
performance evaluation can be made both at the global system level and at the structural
component level. The recommended design parameters were selected as interstory drift
value and axial force on individual columns.

The first generation of PBD guidelines served well in fulfilling its objectives.
However, over the last decade, knowledge on structural response to earthquakes, as well
as information on ground motions, have significantly improved allowing more advanced
procedures to be used in PBD guidelines. The ATC-58 (2001) project, a ten-year long
research program funded by FEMA, was initiated to develop a new generation of PBD
guidelines for both seismic rehabilitation and new design of building structures. The new
generation of PBD guidelines will have performance criteria in terms of direct economic
losses, casualties, or down-time so that stakeholders can make more informed decisions
about earthquake resistant design or upgrade of their buildings. The performance
evaluation of the buildings will be done considering the interaction between the
performance of structural components and the global structural system. Detailed
guidance about the use of advanced analysis methods such as nonlinear time history
analysis will also be provided. The current PBD guidelines offer limited direction

regarding preliminary design of buildings to satisfy a targeted performance objective.



This leads to an expensive trial-error type procedure for design of buildings. ATC-58
aims to provide prescriptive guidelines while making decisions about the load-resisting
system, stiffness, and strength of the structure to meet the desired performance
objectives.

Despite the intensive research efforts following the 1994 Northridge Earthquake,
the proposed PBD guidelines have remained limited primarily to steel, reinforced-
concrete, and timber structures. The provisions related to composite construction were
often prepared as an extension to those related to steel and concrete structures. There
exist very few studies towards developing PBD methodologies of composite structures.
The main focus of this research is to develop a reliability-based PBD methodology for
structural systems having RCFT columns and steel girders.

One of the earliest attempts to develop PBD guidelines of composite structures was
the work by Mehanny and Deierlein (2000), where a computational study was conducted
to assess the seismic performance of composite frames made up of reinforced concrete
columns and steel girders. It was aimed to evaluate the performance both at the
component (local) and system (global) level. Damage functions were derived for the
structural components including reinforced-concrete columns, steel girders, and
connections. Based on the evolution of the damage of the structural members, the
available local damage states were mapped on to the performance levels. A new method
to evaluate the system performance was proposed utilizing the quantified damage
assessments. The stiffness properties of the structural components are updated following
the time history analysis results for a representative earthquake record. Then, a nonlinear
static analysis is conducted under gravity loads until failure state is attained. The ratio of
the vertical gravity load capacity to the unfactored gravity loads was defined as a stability
index identifying the global performance of the structure. Muhummud (2003)
investigated the performances of three 6-story RCFT building structures having
variations with respect to the support conditions. The buildings were analyzed under a
suite of far-field earthquake records. Two hazard levels were considered including 2%
probability of exceedence in 50 years (maximum considered earthquake) and 10%

probability of exceedence in 50 years (design basis earthquake). Static push-over and



nonlinear time history analysis were utilized to quantify the demand. Global response of
the buildings was examined through global damage parameters e.g., roof drift, residual
roof drift, base-shear and a stability index (Mehanny and Deierlein, 2000). The
performance of the structural members was also studied and the common damage
parameters investigated were interstory-drift, plastic rotation, and level of axial load. The
structures were found to satisfy both Life Safety and Collapse Prevention performance

objectives defined in FEMA (1997b) and FEMA (2000a).

1.3. Objectives

The primary objective of this research is to develop a performance-based design
methodology of structures having RCFT columns and steel girders, with an emphasis on
composite structural response, including development of a new mixed finite element
formulation for detailed behavioral assessment of the three-dimensional cyclic dynamic
response of composite RCFT frames. Within the framework of developing a

performance-based methodology, the following issues will also be targeted:

1. To identify the failure and local damage characteristics of RCFT beam-columns, and
frames;

2. To investigate the capacity of RCFT structures under seismic loadings;

3. To assess the seismic demand of RCFT structures and determine the effects of
composite interaction; and other characteristics of RCFT structures on the seismic
demand;

4. To quantify the randomness and uncertainty on the demand and capacity evaluation
of RCFT structures; and

5. To develop a new reliability-based PBD methodology of RCFT buildings through
enhancing the existing non-seismic and seismic design provisions.

6. To utilize mixed finite element methods for the analysis of RCFT frame structures
under static and dynamic loadings so that their seismic performance can be quantified

accurately exploiting the superior features of the mixed finite element formulation



including the ability to model slip, satisfactory coarse mesh accuracy, and simulation

of both geometric and material nonlinearities.

1.4. Research Scope

The objective of this research study requires that the behavioral characteristics of
RCFT members be explored in detail. For this purpose, in an initial phase of this work
reported in Tort and Hajjar (2003, 2004), the experimental studies available in the
literature were examined and their results were documented in a database. Only well
reported studies were considered and the specimens were limited to the ones with steel
tubes manufactured using cold forming techniques. The data values stored for the
specimens provided information about the types of limit states and progression of damage
seen in RCFT members, connections, and frames. Utilizing the available data values, a
damage assessment study was conducted and the effects of local damage levels to the
structural response were investigated. This helped to associate those local damage levels
with the performance objectives. In addition, the capacity of the RCFT members were
quantified in terms of deformation and energy-based damage function values.

A three-dimensional distributed plasticity beam-column finite element
formulation was developed to evaluate the seismic demand and capacity of RCFT frames.
Mixed finite element principles were utilized to develop the computational models of
RCFT beam-columns and steel girders as components of a moment frame. Both
geometric and material nonlinearities were accounted for, as was interlayer slip between
the steel and concrete along the length. Comprehensive constitutive relations simulating
the salient features of RCFT members and steel girders were developed. This was
achieved based on the calibration and verification studies that are conducted using the
information recorded in the experimental database. Nonlinear connection response was
not modeled directly in this formulation.

Multiple RCFT frame structures were designed following up-to-date design
provisions. The building configurations were varied to investigate the governing
variables affecting their seismic demand and capacity. The designed structures were

subjected to a set of ground motion records representing various hazard levels. Studying
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the analysis results, the demand imposed on the structural members was quantified as the
mean values of the appropriate engineering demand parameters. The capacity of the
RCFT frames under seismic loads was determined utilizing parametric nonlinear time
history analysis techniques and the resulting median values of capacity were recorded.

A demand and capacity factor approach was then adopted to account for the
randomness and uncertainty in demand and capacity calculations. The dispersion in the
analysis results was processed to obtain confidence levels for performance evaluations of
RCFT frames, and the resulting reliability-based, performance-based design methodology

for composite frame structures is presented.

1.5. Overview of the Report

Chapter 2 describes the theory of the distributed plasticity fiber-based
geometrically and materially nonlinear mixed finite element formulation. Chapter 3 and
Chapter 4 document the development of the concrete and steel constitutive relations to be
used with the mixed finite element method to analyze RCFT frames, respectively.
Chapter 5 contains the verification studies performed to assess the accuracy of the mixed
finite element formulation and the concrete and steel constitutive relations. Chapter 6 has
the demand evaluation studies of multistory RCFT frames using nonlinear time history
analysis. Chapter 7 describes the methodology to quantify the aleatoric and epistemic
uncertainties associated with demand and capacity evaluations and also introduces the
proposed performance-base design methodology. In Chapter 8, the conclusions of the
research study and the recommended future work are presented. Appendix A was
generated to document the supplemental equations required for the mixed finite element

theory developed in Chapter 2.
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Chapter 2

2. Finite Element Formulation of Rectangular
Concrete-Filled Tube (RCFT) Beams,
Columns and Beam-Columns

2.1. Introduction

Accurate prediction of nonlinear response of structural members using finite
element methods is an important consideration in quantifying seismic demand and
capacity of frames with RCFT columns and steel girders. Different from traditional
prescriptive design specifications, performance-based design guidelines often requires
multiple performance levels (e.g., immediate occupancy, collapse prevention) to be
considered while evaluating or designing seismically resistance structures. These
performance levels can be defined based on limit states involving force, deformation, and
energy quantities. Therefore, realistic estimations of the limit states can only be obtained
if the complete load vs. deformation response of structural members is captured reliably.
This requires addressing sources of nonlinearities adequately in the analysis model.

The nonlinearity exhibited in structures under high levels of seismic loading is
often attributed to material inelasticity (material nonlinearity) and change in the geometry
of the structure (geometric nonlinearity). In RCFTs, material nonlinearities due to both
steel and concrete need attention in the analysis model. The steel tube is often subjected
to residual strains and stresses due to cold forming process and welding. This causes an
early softening in the modulus of steel before the yielding stress is attained. Following
the yielding of the steel tube, strength degradation may be observed due to bi-directional
stress state of the steel tube and also due to local buckling of the steel tube wall.
Experiments also show cyclic response that includes cyclic hardening, a decrease in the
elastic zone of the steel material during cycling, and the Bauschinger effect (Sakino and
Tomii, 1981; Gourley and Hajjar, 1994). Concrete cracking, in turn, takes place when

11



the tensile strength of concrete is breached. At that instant, a steep stress drop occurs and
the modulus of concrete approaches to zero asymptotically. In compression, the modulus
of concrete starts decreasing when the stress level is approximately 30% of the
compressive strength of concrete. Once the compressive strength is breached, a strength
degradation region initiates due to crushing of concrete. The severity of stress drop in
this region is determined based on the amount of confinement provided by the steel tube
and based on the damage accumulation during cyclic response. A typical characteristic
feature of RCFT members is that load transfer between the steel tube and the concrete
core is achieved through the interface connecting these two media. The load transfer
mechanism also exhibits a nonlinear response depending on the bond strength and the
amount of slip. RCFT columns and beam-columns in frame structures also exhibit two
types of geometric nonlinearities, including effects due to chord-rotation (P-4) and
member curvature (P-0).

Computational models available in the literature for composite steel/concrete
structures evolved predominantly from prior work on steel and reinforced-concrete
members. Following the recent advances in experimental testing (Lin et al., 2004) and
computational modeling (OpenSees, 2001), it is now possible to account for typical
characteristics of composite members in the analysis model comprehensively. In the
order of increasing complexity, four groups of analysis methods for composite members
can be distinguished:

- Strain compatibility method

- Concentrated plasticity models

- Distributed plasticity models

- Continuum models

In the strain compatibility method, plasticity is assumed to occur over a finite
length and a plastic hinge length is determined, which is often taken as approximately
equal to the depth of the steel tube (e.g., Varma, 2000). The moment of the critical cross-
section located at the middle of the plastic hinge region is calculated based on a given
curvature by integration of the steel and concrete stresses over the composite cross-

section. The steel and concrete stresses are calculated from the appropriate constitutive
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relations. These relations can be cyclic or monotonic depending on the given curvature
history. Once the moment vs. curvature pair of the plastic hinge is obtained, the
corresponding lateral load vs. displacement pair of the composite member can be attained
by equilibrium and integration of the curvature along the element length. This method of
analysis is often used for cantilever beam-columns (Kawaguchi, 2000). It is an efficient
tool and produces accurate simulations. However, it is crude in accounting for geometric
nonlinearities and also adopting this method for analysis of frame type structures is
complicated.

In concentrated plasticity formulations, material inelasticity is assumed to be
limited to plastic hinges (usually of zero length) at the element ends. Initiation and
evolution of material inelasticity are often traced by means of multiple surfaces and flow
rules defined in the stress resultant space. The element remains elastic if the force point
stays inside the loading surface. Plastic deformation starts when the loading surface is
breached. The extent of plastic deformation is decided based on the distance between the
loading surface and the bounding surface. The bounding surface defines the force state at
which a limiting stiffness is attained by the structural member. It has often the same
shape as the loading surface but it is larger in size as can be seen in Figure 2.1.

2

PP, Bounding

Loading _ / Surface
Surface

Figure 2.1 Typical Loading and Bounding Surfaces for CFTs
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The loading and bounding surfaces harden isotropically and kinematically to simulate the
load-deformation characteristics of RCFT members observed in the experimental tests.
In the concentrated plasticity models, an element plastic reduction matrix is derived and
included in the formulation of the total element tangent stiffness matrix. The plastic
reduction matrix becomes effective if the force point contacts the loading surface at either
end of the structural element. Throughout the analysis, the plastic reduction matrix is
updated based on the degree of material inelasticity. The concentrated plasticity models
become less accurate for members with high axial loads or for members under uniform
bending, as in these situations stresses causing inelastic action are distributed along the
member length rather than concentrated at the member ends. Therefore, they are often
used for the analysis of unbraced structures, where elements deform in double curvature
with maximum moments occurring at the element ends, or otherwise multiple elements
are used along the member length. Concentrated plasticity models are computationally
efficient and they can be easily adopted for frame analysis (Hajjar and Gourley, 1997;
Hajjar et al., 1997; El-Tawil and Deierlein, 2001a, 2001b).

Distributed plasticity models account for the spread of plasticity through
numerical integration over the volume of the element. Material inelasticity is monitored
at the integration points located along the element length. At each integration point, the
cross-section is divided into individual material fibers as shown in Figure 2.2.

Physically, each fiber represents a two-dimensional (2D) media defined by its area,
located with respect to the centroid of the cross-section, and a constitutive relation.

In distributed plasticity formulations, an assumption of plane sections remaining
plane is often exploited to derive the strain at the centroid of each fiber from cross-
sectional deformations. For the given strain, the stress and modulus of each fiber is
calculated from the associated constitutive rule. Performing numerical integration over
the cross-section, cross-sectional force and stiffness values may be obtained. Internal
element forces and element tangent stiffness are calculated by integration of cross-section
forces and stiffnesses along the element length, respectively. Compared to the
concentrated plasticity models, the distributed plasticity approach is numerically more

elaborate. However, it produces more accurate results since material inelasticity is traced
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at multiple points through the cross section and along the element length rather than only
at the element ends. The distributed plasticity models are also appealing for analysis of
RCFT members. It is possible to account either explicitly or implicitly for the salient
features of RCFTs (e.g., concrete cracking, confinement, local buckling etc.) using
comprehensive constitutive relations for the steel and concrete fibers (Schiller and Hajjar,
1998; Hajjar et al., 1998a, 1998b; Domenech et al., 2002). As will be seen, accounting
explicitly for slip between the constituent materials is also possible with distributed

plasticity formulations.

J

material
fibers

=5 Integration
points

Figure 2.2 Distributed Plasticity Finite Element Formulation

Three-dimensional (3D) continuum analysis allows detailed simulation of RCFT
members and provides significant information about their nonlinear response. The steel
tube and concrete core are modeled by means of 3D finite elements. It is common to use
brick elements for the concrete core and shell elements for the steel tube (Schneider,
1998; Varma 2000; Johansson and Gylltoft, 2002; Shakir-Khalil and Al-Rawdan, 1995).
The composite interaction between the steel tube and concrete core can be modeled both
in the transverse and longitudinal directions. Gap elements simulate the load-transfer in
the transverse direction. In the longitudinal direction, the load transfer can be modeled

using spring elements (Varma, 2000) or friction models (Schneider, 1998; Johansson and
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Gylltoft, 2002). Since multi-dimensional constitutive models are employed to account
for material inelasticity, softening response of the steel tube due to bidirectional stresses
and confinement of concrete can be captured more reliably. In addition, local buckling of
the steel tube can be treated as a geometric nonlinear phenomena rather than simulating it
as a material nonlinear phenomena by degrading the steel tube strength, as may be done
with concentrated or distributed plasticity formulations. Despite the improved accuracy
and rationality of the 3D continuum analysis, it is computationally expensive for
analyzing complete frame structures.

This chapter presents a distributed plasticity model for static and transient
analysis of composite frames comprised of RCFT columns and steel girders (and braces,
where included). The finite element formulation developed for RCFT and steel beam-

columns are described.

2.2. Three-Dimensional Distributed Plasticity RCFT Beam-
Column Element

Finite element formulations available in the literature often adopt different
approaches based on the type of governing variables in the derivation of element internal
forces and tangent stiffness matrices. As its name implies, in displacement (stiffness)-
based formulations, nodal displacements are considered as the primary unknowns.
Therefore, element deformations are obtained from displacement interpolations. It is
common to adopt cubic Hermitian interpolation (shape) functions for transverse
deformation fields. This assumption produces a linear distribution of curvature along the
element length. However, inaccurate results are obtained in the case of nonlinear
curvature fields unless the number of finite elements per member is increased. Element
equilibrium is satisfied only in the variational sense (Zeinkiewicz and Taylor, 2005).
Therefore, the element internal forces calculated from the assumed displacement field
often do not satisfy equilibrium. This also requires decreasing the mesh size by using
more finite elements per member. The displacement-based formulations have been
studied by many researchers in the literature for steel, reinforced concrete, and composite

members (e.g., Zeris and Mahin, 1988; 1zzuddin and Elnashai, 1993; Morales, 1994; Teh
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and Clarke, 1998; Salari et al., 1998; Limkatanyu and Spacone, 2001; Alemdar, 2001).
Despite the low accuracy of coarse meshes, the displacement-based formulations are
often considered as easy to implement and expedient methods for analysis of structural
members. In the case of composite members, the differential axial movement between
the steel and concrete media can be derived directly from the deformation fields defined
in the axial direction. Therefore, the bond force can be calculated with a direct
calculation once the constitutive relation is defined for the interface.

In flexibility (force, equilibrium)-based finite element formulations, element
internal forces are considered to be the primary unknowns. The stress resultants along
the element length are obtained from interpolation functions. Therefore, element
equilibrium is strictly satisfied. The compatibilities of nodal displacements and cross-
section deformations are ensured in a variational sense. Since internal force distributions
can be accurately estimated, the flexibility-based formulations provide better coarse mesh
accuracy under nonlinear curvature fields (e.g., Backlund, 1976; Carol and Murcia, 1989;
Salari et al., 1998; Neuenhofer and Filippou, 1998; Souza, 2000; Alemdar, 2001). For
example, in the case of geometrically linear problems without any distributed span
loading, a linear distribution of bending moments is always exact independent of the
irregularity of the curvature field. The flexibility-based finite element formulations often
have a computationally expensive and elaborate stiffness calculation and force recovery
procedure compared to the displacement-based formulations. For example, calculation of
the element stiffness matrix requires inversion of the element flexibility. In addition, the
cross-section flexibility needs to be calculated by taking the inverse of the cross-sectional
stiffness matrix when obtaining the cross-section deformations. In the case of 3D frame
elements, these inversion operations increase the computation time. The satisfaction of
the element compatibility involves iterative operations during the state determination
process, which also increases the computation time. With respect to including a slip,
when modeling composite elements using a flexibility-based formulation, the nonlinear
distribution of bond forces along the element length is expressed using interpolation
functions similar to those employed for axial forces and bending moments. . This results

in lengthier expressions for internal force and stiffness derivations as compared to mixed
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and displacement-based formulations because bond forces need to be calculated
independent of other element forces.

Mixed (hybrid) finite element formulations offer an alternative method for
calculation of element internal forces and tangent stiffness matrices by considering both
displacements and forces as the primary unknowns. Independent interpolation functions
are used to estimate element deformation and force fields. Selecting linear distributions
of element forces, it is possible to satisfy element equilibrium exactly in the absence of
geometric nonlinearity or distributed span loading. In addition, in the mixed finite
element formulation, the element deformations from an interpolated displacement field
and the element deformations from an interpolated force field are both assessed and
enforced to be compatible to each other in a variational sense (Taucer et al., 1991; Nukala
and White 2004; Alemdar and White 2005). Therefore, selecting accurate force
interpolation functions also improves the accuracy of the nonlinear curvature fields. The
mixed finite element formulations also have a more complicated force recovery
procedure than the displacement-based and flexibility-based formulations. This is due to
the fact that in mixed-formulations element stiffness and internal force calculations are
performed based on two primary variables (Alemdar, 2001). Compared to the flexibility-
based formulations, selecting independent shape functions for the displacements and
element forces helps in the solution of problems with significant interaction between
internal forces and nodal displacements (e.g., geometric nonlinearity) because in the
flexibility-based formulation it becomes difficult to select the appropriate force
interpolation functions (Ayoub and Filippou, 2000). On the other hand, incorporation of
geometric nonlinearity is the least cumbersome in the displacement-based formulations:
employing comprehensive strain measures and high-degree interpolation functions, it is
possible to simulate problems with significant nonlinearity. Nevertheless, it is the mixed
formulations that provide the best balance between accurate assessment of nonlinear
curvatures along the length, particularly due to material inelasticity, coupled with
comprehensive capability to include geometric nonlinearity directly and cohesively in the

formulation. In addition, when employing a mixed formulation for modeling of
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composite members, similar to the displacement-based formulation, the slip response can
be captured with simplified expressions of internal forces and element stiffness.

In this section, a 3D geometrically and materially nonlinear mixed finite element
formulation for RCFT beam-columns is presented. Slip between the steel tube and
concrete core is accounted for following the prior work by Hajjar et al. (1998a, 1998Db).
The governing differential equations of element equilibrium, compatibility, and cross-

section equilibrium are adapted from Alemdar and White (2005).

2.2.1. Choice of Reference Axes

The deformation of an element can be divided into two components: the
deformational displacements straining the element and the rigid body displacements
causing rigid body rotations and translations. The deformational displacements are then
defined with respect to a reference frame that is attached to the chord of the element and
rotates with it (Crisfield, 1991). Elements developed in this corotational frame are often
referred to as corotational elements.

In a corotational formulation, the deformational displacements are obtained by
initially excluding (i.e., prior to accounting for) rigid body effects from the global
element displacements. This type of decomposition allows representation of the element
displacements with a reduced number of degrees-of-freedom (DOF). For example, in the
case of 3D beam-column elements without torsional effects, two rotational deformations
at each end and an axial elongation at a single end are sufficient to represent the element
displacements completely. Therefore, the lengthy expressions in developing stiffness
matrices and element internal forces are simplified. Despite the computational effort
needed for transformations between corotational and global coordinates, the
corototational formulation also reduces the number of operations in calculating stiffness
matrices and element internal forces (Alemdar, 2001). The DOFs in the corotational
frame are often designated as element natural DOFs. The element forces corresponding
to natural displacements and the element stiffness matrix formulated in the corotational

frame are referred as natural element forces and natural element stiffness matrix,
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respectively. In this study, a corotational approach is employed in formulating the RCFT

beam-column element.

2.2.2. Kinematic Equations

The cross-sectional deformations of a conventional 3D beam-column element
without torsional effects can be represented by an axial strain ( £ ) and two curvatures (")
about two orthogonal axes. These deformations are defined for the centroidal axes of the
element volume and if it is required to obtain similar deformations at an arbitrary point
on the cross-section, certain transformation rules should be applied as it is described
while deriving the virtual work equation of equilibrium.

While defining the cross-sectional strains for an RCFT beam-column element, the
steel and concrete volumes need to be considered independently. A total of six

deformations are introduced including an axial strain and two curvatures defined for the

concrete core and steel tube, separately, including &, «7, x, &, k., andx . All shear

deformation components of the cross-section, including both torsion and beam shear
about both axes, are neglected. The curvatures of the steel tube and concrete core will
later be constrained to be the same due the rotational compatibility between the two
media. Similarly, the corresponding cross-sectional forces are represented by an axial

force ( P) and two moments ( M ) defined for the concrete core and steel tube, separately,

which yields six force components as P*, M7, M, P°, M_,and M. The vectorial

forms of the cross-sectional strains ( d ) and forces ( D) and their variations are given in
Equations 2.1 and 2.2, respectively. In Equations 2.1 and 2.2 and also for the rest of the
equations in this report, the variables associated with the steel tube or concrete core alone
are designated by right superscripts where “s” stand for the steel tube and “c” stands for
the concrete core. In addition, the J operator denotes the variation of the adjacent
variable. The symbols in bold represent either vector or matrix quantities while the non-

bold symbols designate scalar quantities.

A

T
d= [6‘ K. K, & K, K}] [2.1a]

20



A T
& = [5e° ows s 5e' ot ok [2.1b]
T
D= [P M: M. P M M| [2.2a]

oD = [aP° aM: oM 5P M w;]T [2.2b]

In the current formulation large rotations and translations take place with respect
to the global coordinates due to rigid body motion. However, by eliminating rigid body
effects, small curvatures and axial strains are assumed in the corotational frame. The
Green-Lagrange strain measure is selected to define the elongation of the element chord.
The Green-Lagrange strain is presented in Equations 2.3 and 2.4 in terms of the

deformation fields ofu,v, and w in the x, y, and z directions, respectively.

c c 1(0)2 1(0)2 1( 0)2 [23]
= + — + — + = .
€ u,x 2 u,x 2 V,x 2 W,x

s S+l(3‘)2+l(.§)2+l( 5)2 [24]
& = I/l’x b u’x 2 V,x 2 W’x .

The first variation of the axial strains can be obtained as given below in Equations 2.5

and 2.6.
o = o)+ (u) xolus) +(ve) xo(ve), +(w), xo(w), [2.5]

o' = 5(u“')’x + (u“')’x X §(us) + (v“') X 5(v“) + (w‘) X 5(w"') [2.6]

Curvatures can be expressed as the second derivatives of the translational deformation
fields as given in Equation 2.7. The first variations of the curvatures are presented in
Equation 2.8. Due to the compatibility of rotations, the curvatures of the steel tube and

the concrete are imposed to be equal to each other.

c _ .. c c _ c s _ .S s _ .S

K. =V, K, =W, K. =V, K. =V, [2.7]
c _ c c _ c s _ s s _ s

oK, = OV, 5Ky = 0w, Ok, =0V, oK, = OV, [2.8]

In this study, the interaction between the steel tube and concrete core is considered to be
provided by friction and interlocking effects between the two media, or via shear
connectors. Therefore, a distributed bond along the element length is assumed to ensure

the composite action. In the proposed model, the steel tube and concrete core are
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separated by a layer of nonlinear springs located at each integration point along the
element length as shown in Figure 2.3. In this work, the constitutive calibration of the
slip springs assumes no shear connectors are present within the tube, but other
constitutive calibrations of the slip springs may be used. The slip between the steel tube
and concrete core is only allowed in the axial direction. The same transverse

displacements are assumed via the use of penalty functions (see Section 2.2.13). The slip
layer deformation field (c;’sc )and its variation (§aA’SC) can be expressed in terms of axial

deformations of the steel tube and concrete core as follows in Equations 9 and 10,

respectively.
d_=u' -u [2.9]
&= ou' - St [2.10]

Nonlinear spring layer d sc

/

Steel tube

Concrete core

Figure 2.3 Nonlinear Slip Model

2.2.3. Finite Element Discretization

The element deformations with respect to the corotational frame are selected such
that when they are transformed into the global coordinates, the steel tube and concrete
core will have independent translational DOFs. This approach is adopted to allow the
slip formation at the interface between the steel tube and concrete core for an arbitrarily

oriented element.
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In the corotational frame, the element deformations (q ) are comprised of axial
deformations, rotations at both ends of the member with respect to local y and z axes,

and deformation of the slip layer. An additional node with a single DOF is defined at the
middle of the member chord. With the introduction of this extra mid-node, it is possible
to have a quadratic interpolation function for the axial deformations. Defining the axial
deformation fields in this fashion allows accurate representation of axial strains in the
presence of nonlinear material response that is different at the two ends of the element,
particularly in the presence of differential slip along the element length. In addition,
utilizing a high degree of interpolation function for the axial deformation fields reduces
the membrane locking effects (White, 1986; Alemdar, 2001). Two axial deformation
DOFs are defined for both the steel tube and concrete core corresponding to the first and
mid-node of the element. For the RCFT beam-column element, external loads are
assumed to be applied only at the element ends. Therefore, the DOFs corresponding to
the extra mid-node should be condensed out during transformations of the natural forces
and natural stiffness from the corotational frame to the global coordinates. Despite the
fact that the concrete and steel rotations for an RCFT member are assumed to be the
same, independent rotational DOFs are defined. This approach allows quantifying the
shear force carried by the steel tube and concrete core individually when the natural
element forces are transformed into the global coordinates. A DOF for the deformation
of the slip layer is also introduced in natural coordinates. A summary of the corotational
DOFs for the RCFT beam-column element can be seen in Figure 2.4 and in Equation
2.11. The notation designating the element deformations in the corotational frame is

described below:
e is the axial deformation of concrete between i-end of the member and the
midpoint node
e is the axial deformation of concrete between i-end and j-end of the member

6, is the rotation of the concrete at the i-end node about y axis

6, is the rotation of the concrete at the j-end node about y axis
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¢ is the rotation of the concrete at the i-end node about z axis

o

) is the rotation of the concrete at the j-end node about z axis

The corotational deformations corresponding to the steel tube can be described
similarly

e is the deformation of the slip layer
T
q=[e" e 6, 0, & 0, 0, 6, 6 6, ¢ e 2.11]
As was discussed previously, quadratic interpolation functions are employed to represent

the axial deformation fields (u*,u“) along the element length. The transverse
deformation fields (v*, v, w", w®) are defined using cubic Hermitian shape functions
(McGuire et al., 2000). It is possible to express the deformation, velocity

(2’ ,u,v',v",w',w), and acceleration (", ,v", v, w", W) fields in terms of element

deformations as given in Equation 2.12.

X
X
Figure 2.4 Element Deformations in the Corotational Frame
u=N_ xq [2.12a]
u°=N’xqg, u" =N’xq [2.12b]
u°=N’xqg, u =N’ xq [2.12¢]
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0 =N¢x¢, 0 =N x ¢ [2.12d]

T
where: U = [uc vewe ut ve ws]

c _ c ¢ c r s _ s 8 K r
u“=slu"viw|,u=uvw
T T
uC — [L'lc "}C wc] , uS - [1/'[? "}S wi‘]
¢ _ |sc e e T xS s e s T
U =la“ veow| , 0 =u v w

N, is the displacement interpolation functions in matrix form (see Appendix A)

N ’is the concrete core displacement interpolation functions in matrix form (see

Appendix A)

N’ is the steel tube displacement interpolation functions in matrix form (see

Appendix A)

The natural element end forces (Q ) are selected to be axial forces and bending
moments about local y and z axis. They are also defined independently for the steel
tube and concrete core. Equation 2.13 shows the element end forces in the corotational
frame. Linear interpolation functions are adopted for expressing the force resultants
given in Equation 2.14. However, second order moments due to P- o effects are

included in the interpolation functions for the moment field (see Appendix A).

Therefore, the linear variation of moment field is not valid due to geometric nonlinearity.
T

Q=[P P M, M, M M, P P} M M, M, M| [2.13]

D= N, xQ [2.14]

where: N ,, is the force interpolations in matrix form (see Appendix A)

2.2.4. The Equation of Equilibrium

The statement of equilibrium in differential form can be obtained considering an
infinitesimal length ( dx ) and infinitesimal interface area (dI ) of the proposed RCFT
beam-column element. Figure 2.5and Figure 2.6 illustrate the internal element loading
for the infinitesimal length with respect to the natural coordinate system. From Figure

2.5 and 2.6, the corresponding equilibrium equations of axial forces, shear forces, and
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bending moments can be obtained as given in Equation 2.15. It was assumed that RCFT
members exhibit a linear torsional response. Therefore, torsional moment is excluded in
the equilibrium equations and it will be incorporated into the formulation later in Section
2.2.12.

The nomenclature described in Yang and Kuo (1994) is used in this report in
order to identify the configurations of the variables that they were defined and referenced.
Both superscripts and subscripts located to left of a symbol refer to two configurations of
interest. C1 represents the last converged state and C2 stands for the current state of the
element body. A left superscript designates the configuration in which the quantity is
measured. If a left superscript is omitted, the quantity is considered as an increment
between C1 and C2 or between the current and the next C2 configuration (e.g., during an
iteration process). A left subscript identifies the reference configuration of the quantity.
It is a common practice not to use a left subscript if a quantity is defined in the same

configuration in which it is measured.

O e R o R
dcf(zz)) Y ﬁg)) o ‘Z({Zf)) N 2((23) . -
P ciz((zzj)) i d22Z§)+2V; =0, P c;((zzi)) i dc(zzgi)wi =0 [2.15¢]
e, o) d(ZM;)+2VZ“ o 2py d(w) d(zM;)#V; » s

d(zx) ) d(zx)

where: *P¢ is the axial force of steel tube in configuration C2

: V. is the shear force of concrete core in y direction in configuration C2

V¢ is the shear force of concrete core in z direction in configuration C2

z

M , 1s the bending moment of concrete core in y direction in configuration C2
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> M is the bending moment of concrete core in z direction in configuration C2

*P° is the axial force of steel tube in configuration C2

? V. is the shear force of concrete core in y direction in configuration C2

’V? is the shear force of concrete core in z direction in configuration C2

? M is the bending moment of concrete core in y direction in configuration C2

> M is the bending moment of concrete core in z direction in configuration C2

’D,, is the force transferred between steel tube and concrete core per unit area in
configuration C2 (units of force/lengthz)

,u‘ 1s the incremental displacement field of concrete core in x direction with
respect to configuration C2

,v¢ is the incremental displacement field of concrete core in y direction with
respect to configuration C2
, weis the incremental displacement field of concrete core in z direction with

respect to configuration C2

,u’1s the incremental displacement field of steel tube in x direction with respect
to configuration C2

,v'is the incremental displacement field of steel tube in y direction with respect
to configuration C2

, w'is the incremental displacement field of steel tube in z direction with respect
to configuration C2

?I is the interface area in configuration C2

Differentiating Equations 2.15¢ and 2.15d with respect to x, and then substituting
Equation 2.15b, Equations 2.15c and 15d become as follows:
() @ (o) <) @)

_2pc -0, %P z
At d(y At d(y

=0 [2.16a]
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o) ) L el) eCa)
a2 d(*) aCx) d()

The weak form of the equilibrium equations stated above can be obtained if Equations

_2PC X

2.15a, 2.16a, 216b are multiplied by weight functions and integrated along the element
length (L).

]Lg ) ( d(z x ><d21 e
U X | = d(2 + xd x+

0

]L5ucx[—d( c —2D ]xdx+
0 d(’x)

TMe

“x)°

2L

Jéva X

_2PC X

) 2L
2 xd*x + J‘é‘vsx

d2 s 2(2 3 rs
-2psx (ZV'VZ)+ d ( Mzz) xdx +
d(zx) d(zx)

) B a2 me
—zPsxd(zvzz)+ (1\/12) xd’x =0
d(*x) d(*x)

=3

+ zx)zy)}xdyﬁ jé‘w X

o

[2.17]
In order to reduce the order of differentiation of the dependent variables (e.g.,

PPC,CM, ML, PP, P M, P MY, 2 D,,) and distribute differentiation to the weighting
functions (e.g., o,u’, d,v;, o,w,, S,u’, 5,v;,0,w,), the integral terms in Equation

2.17 are reformatted through integration by parts as in Equations 2.18 through 2.23
(Reddy, 1993). It should be noted that the integration by parts is applied to the second
through fifth terms two times until the second derivative of the dependent variables are
transferred to the weight functions. Throughout the rest of the discussions and equations,

13 ’7

the operators “,x” and “,xx” are used as right subscripts representing first and second

derivatives with respect to the x direction, respectively.

2L 2L 2, L 2L
- Ié‘zu”szC_X xd’x - Ié‘zu”xzD\,c xd’l = -8,ux’P° |+ I 2P x (5214‘) xd’x - Ié‘zu“xzD\,c xd’l

0 0 0 o * 0
[2.18]

’L 2L o L 2L
- Iézusszs,x xd’x+ IézusxzDsc xd’l = -8,u'x’P* |+ I P’ x <§2u3)x xd’x + j5zusx2DS( xd’l

0 0 C ' 0
[2.19]
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Figure 2.5 Internal Element Loading in the x-y plane
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Figure 2.6 Internal Element Loading in the x-z plane

Lé'v“x—zP“x vl +(PM¢) xd*x =
o [P (o), () )

0
2y

(00 (1) ~(00) ez -eepe (o) ) o [0 (5) 2P (1) x(80) e

XX B
0

[2.20]
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’L
J.é‘zvS X (—ZPS X (zvs) Lt (ZM‘) “)xdzx:
! A
2, L
(52\/“ X (ZM;)M - (é'zv‘y)xszj -0, %P’ x (Zv‘y) r) |L+ J.(ZM;Y X (52vs) n_+2-P‘Y X (2\/“) X (52\15) Y)xdzx

0 i

[2.21]
Jlﬁzwc X (—2P“ X (2wc)yn_ + (2Mﬁ) ) xd’x =
y ,xx
(5214/” X (zMi) - (§2w“) XM =8 x P x (zw“) ) 2|L+ J.L(sz_ X (52w”) +2Px (zw‘) X (§2w") _)xdzx
xx ) 0y ) xx X X
[2.22]
L
J&zws X (-ZP" X (2w5)’n + (ZM;) ) xd’x =
! s
2, A
(52w3 X (2M5) - (52w3) X*M} -5,w' x P’ <2WS) ) |L+ I(ZM;; X (52WS) EPx (zw““) X (52w5) )xdzx
V) xx x ) g X x x
[2.23]

Substituting Equation 2.18 through 2.23 into Equation 2.17, the weak form of equilibrium

equation becomes as follows:

(o) o)) o) )] [
(52‘}0)”’“ 2Mzc
2 (52WC),xx 2 00¢ .
{ (5214 )x +(2V )X X(é‘zv“)’x +(2WS)X x(é‘zws)x X 2P5y xd>x [ . ]
(52‘/‘?),“ 2Mzs
(52ws)’m _ZM‘;_
- f(52us _52uC)XzDsc Xd21+(_52usx2Ps _52ucx2P6)2|L+
0 0
vt x (ML) = (%) XMI =8 <P x(,v) 2|L+
. 0
2|L+
0
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2.2.5. The Virtual work Equation of Equilibrium

The principle of virtual work can be derived substituting the kinematic relations

stated in Equations 2.1 through 2.10 into Equation 2.24 as given below:

2L ’L
ja‘ dx*Dxd*+ [ 8,d, x*D, xd’l +
0
( O,u’ x*P* - 6,u % C)ZIL+
0
(521/ X —(52v”)xx2Mzc—52vcx2P”x(zv”)x)2f+
? ? 0
S x (P12 ~(67) Mz 8P v) ) [+
" 0
2L

[2.25]
where: *D is the cross-sectional forces in C2
) d is the incremental cross-sectional strains with respect to C2

It should be noted the variation of axial strains defined in Equation 2.24

(o = (52”6),x + (2V6),X X (52"6),)( + (2WC),X X (52W6),x and
os’ = (52”S),x + (zvs)’x X (52vs)’x + (zWS),x X (52w3)’x) does not have the terms of
(Zu")vx X (52u")’x and (Zu“')’x X (52u“‘)’x as given in Equations 2.5 and 2.6. However,

these terms represent high order effects that become significant under large axial strains,
which are not commonly observed for structural members. Therefore, Equation 2.25 still
can be considered an accurate representation of equilibrium.

In Equation 2.25, the third through seventh terms on the left hand side represent
the boundary conditions of the RCFT beam-column element. Introducing the

interpolation functions of the force and displacement variables given in Equations 2.11
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through 2.14, the aforementioned expressions can be derived as *q” x*Q,_,. Therefore,

the virtual work equation of equilibrium can further be simplified as follows:

2L 2L
[6.d7xDxd%+ [8,d, 7D, xd 8,07 Qy = 0 [2.26]
0 0

where: ,(Q is the incremental nodal displacements with respect to configuration C2

’Q,,, is the external load in configuration C2

The virtual work equation of equilibrium in Equation 2.26 is expressed at the
cross-section level with the corresponding deformation and force variables. The
derivation initiated by writing the partial differential equations obtained through static
equilibrium of an infinitesimal beam-element. The final format was attained when the
weak form of the partial differential equations is derived by performing integration by
parts. On the other hand, Hajjar et al. (1998a, 1998b) derived the virtual work equation
of equilibrium at the material fiber level allowing separate volumes for the steel tube and
concrete core to be introduced. The derivation was solely based on the statement that the
work done by external forces and internal stresses are equal to each other. The
contributions of the steel tube and concrete core to the equilibrium equation were
decomposed by defining independent strain and stress resultant terms for the two media.
It was also assumed that a spring layer exists between these two media for the load
transfer and an additional term was introduced into the virtual work equation of
equilibrium to account for the strain energy resulting from the deformation of the layer of
springs as given in Equation 2.27. In Equation 2.27, on the left hand side, the first two
terms represent the work done by internal stresses and the third term designates the
energy due to slip. The terms on the right hand side accounts for the work done by

external loads.

[ 2o x50 xdve + [ 20 x 8,65 xdW* + [ 5,d,,x°D,, xdl =

v v N [2.27]
[ 2t xo,ut xd?se+ [ 2t x8,u° xd’s?
ZSL‘ Zs.v

where: zz'; is the Cauchy stress tensor of the concrete core in configuration C2
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zeicj is the incremental engineering strain tensor of the concrete core with respect
to configuration C2

? 7, is the Cauchy stress tensor of the concrete core in configuration C2

2e; is the incremental engineering strain tensor of the concrete core with respect
to configuration C2

’t¢is the surface tractions acting on the concrete core in configuration C2
’t°is the surface tractions acting on the steel tube in configuration C2

?S¢is the surface area of the concrete core in configuration C2

*S*is the surface area of the steel tube in configuration C2

’V ¢is the volume of the concrete core in configuration C2

*V* is the volume of the steel tube in configuration C2

Since shear strains of RCFT members are neglected, the tensorial quantities of
2_¢ 2

Cauchy stress ("7,

2.C 2

7 ) and engineering strain (“€j;, "€ ) become axial stress (o,

’c’) and axial strain (,e°, ,e’), respectively as scalar variables. Exploiting the plane

sections remain plain assumption, the axial strain values of the material fibers at an

arbitrary location over the RCFT cross-section can be expressed in terms of deformations
of the centroidal axes (e.g., &°, k7, x_, &', k., k. ) as given in Equations 2.28 and
2.29.

,ef =y x,de [2.28]

et =yTx,d* [2.29]
where: Y = [1 -y —Z]T
,d€ = [2€C LKL 2K;]T
,d” = [2‘9s K2 2K;]T

¥ 1s the y coordinate of the material fiber on the RCFT cross-section

z 1s the z coordinate of the material fiber on the RCFT cross-section
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Substituting Equations 2.28 and 2.29 into Equation 2.27, the virtual work equation of
equilibrium by Hajjar et al. (1998a, 1998b) becomes as follows:

j 26 x yT x8,d¢ xd* V< + j 26° x yT x8,d* xd*V* + J5252’SC><2DSC xd’l =

ZVc ZV.\' 21
24c c 2¢c 245 S 2¢Qs

[ 2t xo,ut xd®s + [ 2t x5,u° xd’s

ZSL‘ ZS.v

[2.30]

Separating the volume integrals in Equation 2.30 into area and length integrals:

2L
0\2gs

’L
[ o xy xdzA”] x5,d° xd x+I[J.20'S><yT xdzA‘“] x8,d° xd’x +
ZS 2

2D, xdl = [ t7 x8,u° xd’S + [ *t) x5,u° xdS*

|
fo.

2 sc
7 Zst ZSs
[2.31]
where: ' 4° is the cross-sectional area of the concrete core in configuration C1
' 4% is the cross-sectional area of the steel tube in configuration C2
Evaluating the area integrals in Equation 2.31:
2L 2L
’D¢ x xdx+J2DS><52dsxd2x+
0 [2.32]

5d ><2D Xdzl 52q X Qext+52q X Qext

|
J

T T
where:*D° =[P M (M| D =[PP M M)

T
c _ c c c s _ s s K
,d —[25 2 K. ZKy] , ,d —[2‘9 2 K ZKy]
’Q¢, is the external load vector acting on the concrete core degree-of-

freedoms

’Q;, is the external load vector acting on the steel tube degree-of-

freedoms

Equation 2.31 can further be simplified as given below:
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jL[ZDC 'D*]x[6.d, 6.d.] xd>x+ [8,d,. 5D, xd =697 x(Q, + Q)

0 27
[2.33]
Based on the kinematic relations of Equation 2.1 and 2.2, the virtual work equation of

equilibrium becomes:

2L
[6,d7x*Dxd*+ [6,d,x°D, xd 15,9 x Quy = 0 [2.34]
0 27

Comparing Equations 2.26 and 2.34, it can be seen that the virtual work equation of
equilibrium written at the material fiber level is identical to that of at the cross-section
level once the volume integrals are reduced to length integrals.

In the case of dynamic analysis, the externally applied loads include inertia and
damping forces (Zienkiewicz et al., 2005). Therefore, the virtual work equation of
equilibrium is modified to account for the work done by the inertia and damping forces as

given in Equation 2.35.

2L
52dAT><2D xd’x + j5zc§sTCX2Dsc. xd’l +

0

2 ye

2L
{
j 2o x U xS xd PV + J P xUC xo,U xd TV + [2.35]
e
[0 x,u xd®V + [ 2 %P0 x 8,00 xdPV* =5,07 x*Qy = 0
s 2y
where: *p° is the unit weight of the concrete core in configuration C2
*p’ is the unit weight of the steel tube in configuration C2
* 1 is the viscosity parameter of the concrete core in configuration C2
*1° is the viscosity parameter of the steel tube in configuration C2
, U¢ is the incremental displacement field of the concrete core with respect to
configuration C2
,U" is the incremental displacement field of the steel tube with respect to

configuration C2
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U° is the incremental velocity field of the concrete core in configuration C2

10° is the incremental velocity field of the steel tube in configuration C2

c

*U° is the incremental acceleration field of the concrete core in configuration C2

?0U° is the incremental acceleration field of the steel tube in configuration C2

2.2.6. Updated-Lagrangian Formulation

Eulerian (spatial) and Lagrangian (referential) approaches are commonly
employed for describing the motion of a continuum. In the Eulerian description, the
motion is monitored at a fixed spatial location (Bathe, 1994). On the other hand, in the
Lagrangian description, the motion of a fixed set of material particles is traced regardless
of its location in space (Reddy, 1993). The Eulerian description of motion often works
well for fluid mechanics applications while the Lagrangian description is widely used in
the mechanics of solid bodies. In this study, the governing equations will be developed
using the Lagrangian description.

In incremental nonlinear finite element formulations, two different versions of the
Lagrangian description are followed based on the selection of the reference location
while defining the state variables (e.g., strain, stress). In the Updated-Lagrangian
formulation, all static and kinematic variables are referred to the last converged state
(C1). In the Total-Lagrangian formulation, all static and kinematic variables are referred
to the initial undeformed state (C0). Bathe and Bolourchi (1979) found that the Updated-
Lagrangian and the Total-Lagrangian formulations produce the same numerical results.
However, it was shown for many types of formulations that the Updated-Lagrangian
approach is computationally more efficient.

The Updated-Lagrangian formulation is adopted in this study and the virtual work
equation of equilibrium is modified by defining the state variables with respect to the C1

configuration as given in Equation 2.36.
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where:

'L 'L
jéf&Tfo xd'x + Jé‘lzc;’;xlzDsc xd'l +

0 0

[ 1prxuc ks xd Vet [ 1ot xS xd 'V + [2.36]
/.

1 IV‘S

I lluCXflJC xé‘fuc wd Ve + I l,uSXfUS xé‘fus «d'V* _5? Txleext -0

e s
: d is the cross-sectional strains in configuration C2 with respect to configuration
Cl

°D is the cross-sectional forces in configuration C2 with respect to configuration
Cl

fc?sc is the slip layer deformation in configuration C2 with respect to
configuration C1

D, is the force transferred between steel tube and concrete core per unit area in
configuration C2 with respect to configuration C1 (units of force/length®)

2Uu“is the displacement field of the concrete core in configuration C2 with respect
to configuration C1

*U’is the displacement field of the steel tube in configuration C2 with respect to
configuration C1

U is the velocity field of the concrete core in configuration C2 with respect to
configuration C1

2U° is the velocity field of the steel tube in configuration C2 with respect to
configuration C1

U is the acceleration field of the concrete core in configuration C2 with respect
to configuration C1

*U° is the acceleration field of the steel tube in configuration C2 with respect to
configuration C1

*q is the nodal displacements in configuration C2 with respect to configuration

Cl
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’Q,,, is the nodal forces in configuration C2 with respect configuration C1
'p° is the unit weight of the concrete core in configuration C1

'0° is the unit weight of the steel tube in configuration C1

'11° is the viscosity parameter of the concrete core in configuration C1

"1/’ is the viscosity parameter of the steel tube in configuration C1

'V¢is the volume of the concrete core in configuration C1
'V* is the volume of the steel tube in configuration C1

'I is the interface area in configuration C1

The strain vectors and force generated at the interface of the steel tube and concrete core

can be decomposed into the incremental form as in Equation 2.37.

where:

2d="d+d

25 _15 3
ldsc_ dsc+1d

sc

2 1 1 17 5
lec_ Dsc+1Dsc_ Dsc+ kscxld

19='0+,9

Tuc="u‘+ U
Tuc="uc+ 0l
Tuc="uc ue
ut='ut+ U
o=t o
Tut="0 0

[2.37a]
[2.37b]
[2.37c¢]
[2.37d]
[2.37¢]
[2.371]
[2.37g]
[2.37h]
[2.37i]
[2.37]]

1dA is the incremental cross-sectional strains with respect to configuration C1

A

d

sc

is the incremental slip layer deformation with respect to configuration C1

,q is the incremental nodal displacements with respect to configuration C1

LU is the incremental displacement field of the concrete core in with respect to

configuration C1
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, U is the incremental displacement field of the steel tube in with respect to
configuration C1

.U is the incremental velocity field of the concrete core in with respect to
configuration C1

, U’ is the incremental displacement field of the steel tube in with respect to

configuration C1

.U’ is the incremental velocity field of the steel tube in with respect to
configuration C1
U’ is the incremental velocity field of the steel tube in with respect to

configuration C1

In the Updated-Lagrangian formulation, strain, deformation, and stress resultant

terms in the C1 configuration are assumed to be known (e.g., 'd, 'D, lc?u,, 'D,,'Q,q,

'u, 'u,and'l). The variation symbol in Equation 2.3 corresponds to a differential

operator (Reddy, 1993). Therefore, the variation of the known strain and deformation
terms at C1 (e.g., s'd , 5'd o'q, S'u, 8'U, and S'U) are considered to be zero, as

sc?

given in Equation 2.5 (see, for example, Bathe and Bolourchi, 1979).

sd=sd+s5d=0+5d=54d [2.38a]
5d_=6d_+5d_=0+5d, =54, [2.38b]
5q=0'q+5,q=0+5,0=54 [2.38¢]
Siu=5u+su=0+5u=06,U [2.38d]
Su=5U+5,U=0+5U=5,u [2.38¢]
Si=06U+06,U=0+5,U=5,U [2.381]

Substituting Equation 2.37 and Equation 2.38 into Equation 2.36, the virtual work

equation of equilibrium becomes as follows:
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1 93 93
é‘ld\Txlszdlx_F .[é‘ld,\s];x]Dsc Xd11+ J.§1d,\s7;xf];vcxld,\sa Xd]I
0 0
lpcxfuc X§luc XdIVL‘ + J lpsx%us Xé‘lus Xles +
¢ s
"X U xS U xd WV + J " x U xS\U xd'V -8,9"x7Q,, =0

c 1 Vs

~

—_—

[2.39]

1

S — N — ©

2.2.7. Compatibility Equation

The mixed finite element formulation requires satisfaction of compatibility and
equilibrium equations simultaneously based on the selected variational principle (e.g.,
Hellinger-Reissner, as discussed in Section 2.2.8). The compatibility equation of the
RCFT beam-column element will be presented in this section.

It is possible to obtain the cross-sectional strains defined at each integration point
from the element displacements. The deformation fields are approximated by

interpolation functions. The kinematic equations introduced in Section 2.2.2 are used to

calculate the curvatures and elongations of the cross-sections (& ). Since in the mixed
finite element formulation, the internal element force fields are also treated as the primary
variables, the cross-sectional forces can be obtained from force interpolations. Then,
multiplying the cross-sectional force vector with cross-sectional flexibility (see Appendix

A), the curvatures and elongations at the integration point of interest (d ) are calculated.
C c c S s s T
d=[e & & & ! K] [2.40]
The compatibility condition ensures that the cross-sectional strains from the element

displacements are equal to the ones from the interpolated cross-section forces in a

variational sense. The integral form of the compatibility equation can be expressed as:

'L
[61D" x(,d- d)xd’ =0 [2.41]

0

where: |d is the incremental cross-section strains calculated from cross-sectional forces

and defined with respect to C1 configuration

T
_ c c c s K s
d -[15 KD Ky, &K ll('y]
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As presented in Section 2.2.5, the force generated at the interface between the steel tube

and concrete core is directly calculated from the deformation of the slip layer (aA?SC ). This

implies that the slip deformation calculated from the shape functions (aAVSC) and the slip

deformation obtained from the force at the interface become equal to each other, and that
compatibility of the slip layer deformation is satisfied implicitly at each integration point
along the element length. Therefore, Equation 2.41 does not contain any strain terms for

the deformation of the slip layer.

2.2.8. The Hellinger-Reissner Principle

In the mixed finite element method, the stress-resultants are introduced as one of
the primary variables. Using the Lagrange multiplier method, the compatibility equation
is imposed as a constraint in the total potential energy equation. The Hellinger-Reissner
variational principle is stated by taking the first variation of the modified total potential
energy equation and equating it to zero. This corresponds to combining Equations 2.39
and 2.41 as given in Equation 2.42

The deformation fields approximated using interpolation functions are substituted
into the kinematic equations of axial strains and curvatures for deriving the cross-
sectional strains in Equations 2.1a, 2.3, 2.4, and 2.7. Equation 2.43 represents the cross-
sectional strains in terms of the incremental element deformations. Equation 2.44 shows
the first variation of cross-sectional strains in terms of element deformations. Similarly,
the deformations of the slip layer can be obtained as given in Equation 2.45 after

substitution of axial deformation fields of Equation 2.12b into Equation 2.9.
]L . IL R _ R ~
[6d"xDxdx+ [8,dTx k x\d, xd'T+[5dIx'D, xd'T+
0 0 '
1 cXZché‘ucxlec_l_ 1 sx2us><5usxles+
! A i A [2.42]
J. "ufx 30 xS U xd'V e+ J. x0T xS xd'VC +
]V(

]Vs

'L
-5,9"x:Q,, + Ié'lzDT x(,d-,d)xd'x =0
0

where: |k is the tangent stiffness of the interface between steel tube and concrete (in
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units of force/length’) in C1 configuration with respect to C2 configuration
1d="N_xq [2.43]
where: 'N ; 1s the matrix derived from kinematic relations of the strains and

curvatures in configuration C1 (see Equation A.10 in Appendix A)

5d='N x5, [2.44]
where: 'N 5 18 the matrix resulting from the first variation of cross-section strains

in C1 configuration (see Equation A.11 in Appendix A)

d.="N; x,q [2.45)

where: 'N J is the matrix derived from the kinematic relation of the deformation of the

slip layer in C1 configuration (see Equation A.12 in Appendix A)

In Equation 2.46, first variation of the slip layer deformation is introduced as follows:

& ='N . x5 [2.46]

e 5d5£‘

where: 'N si.. 18 the matrix resulting from the first variation of the deformation of slip

layer in C1 configuration (see Equation A.13 in Appendix A)

The first variation of the stress resultant force field (;D ) is presented in Equation
2.47. The first term on the right hand side of Equation 2.47 can reformatted as given in
Equation 2.48, by subtracting out the terms of 6, (see Equation A.15 in Appendix A).

SD =8N, x1Q+:N,, x5Q [2.47]

5iD=N, x5,g+;N,, x57Q [2.48]
where: N ,,is the matrix obtained by multiplying the first variation of N ,, with (;Q)

and then subtracting out the terms of 6,0 (see Equation A.15 in Appendix A)
Substituting Equations 2.12, 2.43, 2.44, 2.45, 2.46, and 2.48 into 2.42, the Hellinger-

Reissner variational principle can restated as in Equation 2.49.
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'L
le;foxdlx+IlN; 'k x'N S x,q ><d1[+J1N(; x'D, xd'l
0 7 * * 7 "
lL )
_leext+ijgzx(ld_ld)Xdlx+
r 0
o0 ) ) [2.49]
CX1N5 XIN:Xlec_l_ .[lpsxlN; XINLAI'Xles X%q+

y

le

IVt
[Ilﬂ<rxlNcTX1chlec+ jlysxleTxlexles]qu
u u u u 1
|VA
'L

512QT{J. INp, X(l(j_ld) xdlx] =0
0

The terms 5,q" and 57Q " are nonzero variables representing the variations of the element
displacements and forces. Therefore, Equation 2.49 yields two sets of equations given
below, with the first representing element equilibrium, and the second representing

section compatibility:

—IL -
J 1N’STJ><fD><dlx+ j 1N5ijxll;\‘c><lNéw><lq xd'l + j 1N§2‘-L‘><1DSC xd'l
0 i '
'L
2 2N T 0 1
_lQext+£lND2 x(,d-d)xd x+ [2.50]
g:
(J lpcxlN;TxlN; Xlec + J lpSXlN:TXlN: XleS]X%q‘F
1ye 1y
[J IILICXINCTXINC Xd]Vc + J. ]ﬂleNsTxle Xles]XZq
u u u u 1
[ \ipe 1y ]
'L
V= 2Np x(d-d)xdx=0 [2.51]

0
In the mixed finite element formulation, the stress resultants from force
interpolation functions and the stress resultants from material constitutive relations
through numerical integration are ensured to be equal to each other. This condition is
stated by a third equation representing the cross-section equilibrium as follows:

U=;D,-:D=0 [2.52]

where: 7D, is the cross-sectional forces from integration over the cross-section in
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C2 configuration with respect to C1 configuration and “ 2" ““ used as right

subscript represents the numerical integration

The analysis of the RCFT members using the mixed finite element formulation
presented above requires the solution of Equations 2.50, 2.51, and 2.52 under a given set

of external loads for nodal displacements (( ) and internal element forces (Q ). However,
all the aforementioned equations are nonlinear for both q and Q. Therefore, these

equations must be linearized first and then solved in an iterative and incremental manner.

This process is discussed in the following sections.

2.2.9. Consistent Linearization of Cross-Section Equilibrium Equation

The cross-section equilibrium expression given in Equation 2.52 is a nonlinear
function of the state variables,d and;D . During nonlinear analysis, for a given: D,
Equation 2.52 is solved yielding the value of ,d value to satisfy equilibrium.
Linearization of Equation 2.52 is performed through expanding it about the current state.
In this process; D is kept as constant due to the fact that the cross-section equilibrium

equation is used to obtain the cross-section strains for a given set of cross-section forces,

which are obtained through compatibility relations (see Section 2.2.10).
. - d
U™ =U’+——1U(d+oAd) [2.53]
da a=0

where the right superscripts j and j + 1designate the previous and current iteration

numbers, respectively and « is the Taylor Series expansion parameter. | D; is
represented in the form of numerical integration of uniaxial stresses ( o) over the area of
the RCFT cross-section as shown in Equation 2.54. In Equation 2.54, the components of
12DZ (e.g., fP; , fMEE, sz; , fP; , 12Mzi , fMEiwhere “ 2 “used as right subscript
represents the numerical integration) are obtained through multiplying the uniaxial

stresses of the material fibers with the compatibility matrix and integrating all the terms

over the RCFT cross-section.
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'L

D, = [Y'x2oxd' [2.54]

s

A.26 in Appendix A)

¥. is the y coordinate of the concrete material fiber on the RCFT cross-section
z, 1s the z coordinate of the concrete material fiber on the RCFT cross-section
¥, 1s the y coordinate of the steel material fiber on the RCFT cross-section

z, 1s the z coordinate of the steel material fiber on the RCFT cross-section

T, .. : . :
‘o= [fo"’ fo”] is the uniaxial stress in the concrete ($ o) and steel material
fibers (?c”) in C1 configuration with respect to C2 configuration
'A is the cross-sectional area
The derivative with respect to evaluated at o = 0 is performed using chain rule since

o is a function of uniaxial strain of material fibers (e) and e is related to d through the

assumption of plane sections remain plane as shown below:

‘e=Yxd [2.55]

where: Je = [fe‘ fe’] is the uniaxial strain in the concrete (:e) and steel fibers (7e’

in configuration C1 with respect to configuration C2 (see Appendix A1.5)
Substituting Equation 2.54 and 2.55, the second term on the right hand side of

Equation 2.53 becomes:

d d
—— | U(d+add)= [YTx—— | 2o(,d + aAd) xd'4
daa:() IA daazo
2 [2.56]
d d
= YT T 2o d + aAd) xd
de daa:()

"4
Utilizing Equation 2.55 and representing ;e as ;e='e+ e, Equation 2.56 becomes as

given in Equation 2.57.

46



d d’o
— | U(d+ard)= |YT x
da L VG )= Y7 de

T4

| ( e(ld)+1e(ld + aAd)) xd'4

94
d
o d
da

:JYTxdl— | (Yx'd+Yx,d+Y x aAd))xd'4
Y e =0
[2.57]
Performing the differentiation with respect to « in Equation 2.57:
d
— | (Yx'd+Yx,d+Y xaAd)=Y x Ad [2.58]
daa 0
Substituting Equation 2.58 into Equation 2.57:
d dic d
= JU(d+add)= YT xS (el'd)+ e, + add)) xd'a
da q-o Y die do .-
, [2.59]
d
= JYTx 120-><Y x Ad xd'4
die

lA 1

. dio . . .
In Equation 2.59, the term dlz represent rate of change axial stress with respect to axial
e

1

2

. o . . ,
strain. Therefore, a’lfe is equivalent to the tangent modulus (;E, ) of concrete (; £ ) and

steel (7 E) fibers as shown in Equation 2.60.

~— | U(d+ard)= [YTxZE, x Y x Ad xd'4 [2.60a]
- 9
2EC
where: 'E, = : Ot ZES} is the tangent modulus matrix at C2 configuration with
1™t

respect to C1 configuration
Performing the area integration in Equation 2.60 yields the cross-sectional stiffness

matrix as illustrated in Equation 2.61.

[J.YTxfEtxdelijAd:kaAd [2.60b]

T4
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’k is the cross-section stiffness in configuration C1 with respect to configuration

C2 (see Appendix A)
The linearized form of cross-section equilibrium can be thus obtained as given in

Equation 2.62 through substituting Equation 2.61 and 2.56 into Equation 2.52.
tkx Ad=D’-{D! [2.61]
As it will be described later in Section 2.2.14, Equation 2.61 is used in the forces

recovery stage of the nonlinear analysis solution algorithm to obtain cross-sectional

deformations corresponding to the given cross-sectional forces.

2.2.10. Consistent Linearization of Compatibility Equation

The element compatibility stated in Equation 2.51 is nonlinear with respect to
the state variables of ¢ and ’Q since,d andl(j are functions of ;Q and,q, respectively

(see Appendix A). The incremental form of the compatibility equation needed to derive
the consistent tangent stiffness equations can be obtained by consistent linearization. The
Taylor series expansion of Equation 2.51 about the current state can be stated as in
Equation 2.62. The second and third terms on the right hand side of Equation 2.33 are

expanded using the rules of differentiation following the substitution of the terms

(,q+ aAg)and (;Q+ jAQ). The third term on the right hand side of Equation 2.62 is

simplified into a single term since :N ,, and , d are not functions of ’Q and therefore

their derivative with respect to » vanishes.

‘ o d d
Vitl=v/ g — V — V(2 2.62
e LVGas @ | ViR AQ) 2.62]
'L
A V(g aa2Qr AQ) =[5 | ONL)x(d- ) xd'x+
A2ayes 3 Odaa,yz()l o) X U=

where: i

d A
[N g, | (-t xd
d : fanr o4 ]
I V(A add Qe AQ) = [ INJ x| (d)xdx

d]/ a,y=0 0 ]/0!,7’20
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y ,a are the Taylor Series expansion parameters
Through expanding the expression in Equation 2.62, the second term on the right hand
side can be expressed as given below:

td B d .
— | V(,0+aAq,;Q+5AQ) = [J‘_ | (Nm)dejX(d )+ Jnglxd— | dxd'x-

a/— Od a,y=0 0 a,y=0

lL d
ZNT e d dl
{1 Dlxdaw‘zol xax

[2.63]

Despite the fact that the term ;N ,, represents force interpolation functions, it is still a
function 2q to account for second order moments (e.g., P~ &). In the first integral term

on the right hand side of Equation 2.63, substituting the variables of ;& + oA &,

zi °

@+ oM@

zj o 1 zi

G+, 0+ MG, 10+ N6+ N, 1O+ oA,

0 1 A
16, + oA € into N ,,, performing differentiation of the terms of the ;N ,, with respect to
a , evaluating the integration along the element length at & =0, multiplying the result of
the integration with ldA -,d, and finally factoring out the terms of A, Equation 2.64 is
obtained as given below:
L )

[!‘)%a’lo(ngl)xdlxj x(,d-,d)= M, x Ag [2.64]
In the second term on the right hand side of Equation 2.63, ld is stated in terms of nodal
displacements through replacing it with the expression 'N ;%19 as given in Equation

2.65 (see Equation 2.43).

'L 'L
[N | (dyxate= [} N;xd— | (Ngx,q)xd'y [2.65]
0 ayO 0 a/O

In Equation 2.65, ,q is replaced by ,q+ cA( and differentiation with respectto o at

a = 01is performed as shown in Equation 2.66.
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'L 'L

d d
ZNT - INA dl — ZNT - INA + A dl
'!.)1 Dlxdaw_o( dxlq)x X J(;l Dlxdaw_o( i X(gtax q)x X

[2.66]

'L
= J.?NglxlNd x AQ xd'x

0
Performing the integration in Equation 2.66 along the element length and factoring
outAq:

'L
[ NI XN, x 8g xd'x=1G, x Aqg [2.67]

0
While expanding the third term on the right hand side of Equation 2.63, chain rule of

differentiation is utilized since the variable ;d can not be expressed in terms of

. explicitly. ,d is related to ;D through cross-section constitutive relation (e.g.,
d="k"'x,Dy="k "' x(°D;~'D,)) . , Dy is a function of | D as it is presented in cross-
section equilibrium equation (see Equation 2.52). , D can be stated in terms of | g since
the N ,, matrix having force interpolation functions contains nodal displacement terms.

Therefore, the third term on the right hand side of Equation 2.63 is obtained as given

below:
lefNélx;(ldw‘x-[lILzNT ;s i% j fD*‘“‘]
0 o L [2.68]
[j NGk xlxmjo(fND,fo)xd%]
where: jﬂi:lk-', KZDDZ -1, D=N,,x’Q

°D, is the cross-sectional forces in C2 configuration from integration over the
cross-section defined with respect to C1 configuration
,Q is the incremental natural end forces defined with respect to C1 configuration

In Equation 2.68, the ,q terms of [N, (e.g., ;N, is a function of ;q="'g+,q

) is replaced by ,q + cAq terms (e.g., &, + A @, 6.+ aAE,, 6 +\E,

i 1z zj > 1%zi zi 2

6, +a0E;,, 6, +a\E,, 0, +a\E,, G +a\E,, 6 +c)E,)and differentiation

zj 21 Yzi zi % 1 zj o 1 zi > 1Yz
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with respect to o at o = 0is evaluated. The resulting expression is multiplied with

,Q yielding N ,, as given below:

0
0,,_0[ ) y_o(fN X fQ)= fN p (see Equation A.15 in Appendix A) [2.69]

Substituting Equation 2.69, Equation 2.68 becomes:

'L 'L

d
J.ngle | (1d)xdlx:JfN£1X1k_lean xdx=1H, [2.70]
0 ® ay=0 0

While expanding the third term in Equation 2.63, differentiation of ,d with respect to the
Taylor series expansion term of y is performed using the chain rule of differentiation.
Since ,d can not be directly related to;Q , first ,d is related to ;D through cross-
section constitutive relation of ,d="k 'x,D;='k ™" x(;D,-'D;). Then, ; D, is expressed
in terms of D based on the cross-section equilibrium. Finally, >D is related to ;Q using

force interpolation functions (e.g., D=N ,,x;Q ). Therefore, the third term of Equation

2.63 can be obtained as given below:

1

L L 2|
d o.d oD d
NG x—— | (d)xd=[INJ xS x x| (D) xd'x
0 dy ay=0 0 D;  GD  dyay-o
L
od D d
JiNG o, G LN (0 <)

[2.71]
Evaluating the differentiation with respect to ¥ at ¥ = 0and integrating the resulting

expression along the element length, Equation 2.71 becomes:

'L 'L

d
ijglx—y | (d)xd'x=| [INDx'K%INp, xd'x | x AQ=H, x AQ  [2.72]

dy ay-0
0 a.y 0
Substituting Equation 2.72, 2.70, 2.67, 2.64 into Equation 2.63, the linearized form of
compatibility can be derived as given below in Equation 2.73.
V=V +(CGI+MI-TH ) x Ag- H/ x AQ [2.73]

1
L
.2 _ 2 T 1 1
where: |G, = J [N x'Nxdx
0
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1

L
T I ) 1
1H11‘I1N01Xk x N, xdx

0
'L
2 [T L -102 |
lle_IlND]Xk x N, xd'x
0

*k 'is the cross-section flexibility matrix in C1 configuration or inverse of cross-

section stiffness in C1 configuration (see Section A1.5 in Appendix A)

M, is a matrix defining the results from the expansion process, as defined in

Equation A.19 in Appendix A and in Equation 2.64.

From Equation 2.73, AQ can be solved as given below:

AQ=(CH) xV7+ (H;) x(CGI+MI-2H ) x Aq [2.74]
Equation 2.74 is used in deriving the element stiffness matrix as it will be described in
Section 2.2.11 and Section 2.2.15.

The element compatibility equation also needs to be expanded when lci is kept

constant. The resulting expression is used during the state determination stage of the
nonlinear analysis to calculate the incremental element end forces (see more details in

Section 2.2.14). Adopting the same processes of differentiation as in Equation 2.62:

. o d
\VEARSAVE +5 |OV($Q+ aAQ) [2.75]
a,y=

d K d
here: — | V(CQ + =—| N/ x— d)xd'
where 7 710 (;Q+4Q) { N, x & 710(1 )xd x
Expanding the second term on the right hand side of Equation 2.75 as described while
deriving Equation 2.72, V /*' can be expressed as given below:

V7 =VI/-TH) x AQ [2.76]

From Equation 2.76, AQ can be solved as given in Equation 2.77.

AQ=(PH) xV/ [2.77]

2.2.11. Consistent Linearization of Equilibrium Equation
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Linearization of the equilibrium equation yields expressions to derive the element

tangent stiffness. Examining Equation 2.50, it can be seen that the equilibrium equation
is expressed in terms of the states variables including ,q, ;Q,;Q,., 14, and (. The

ext> 1

Taylor series expansion of the equilibrium equation about the current state can be

expressed as follows:

. - d . o "
g =g’+— |  g(,q+aAQ,;Q+AQ,iQ,, + AAQ,,.id+ OAA, G + 7AG)

do a,A,p,0,7=0

d . .
+—— | 2(a+eAd Q+AQ.IQ,, + AAQ,, .10 + OAD, TG + mAd)
V a,1,8.0,7=0

+ E /Iﬁ’6 Og(lq + a’AqﬂzQ + }AQﬂleexz + ﬂAQm,fq + HAq,fq' + A G)
a,A,B.0,n=

d . .
+— | g(,q+aAq,;Q+AQ,;Q,, + AAQ,. . 4+ OAd, TG + nAY)
dO o;.p.0.0-0

to— | 2+ oA Q+AQ, IO, + AAQ.-id+ A A+ nAd)
1 a,1,5,6,7=0

[2.78]
The expanded forms of the terms on the right hand side of Equation 2.78 are

obtained following the substitution of the variables, q + aAq, ;Q + JAQ,

Q.. + AAQ,.,, 14+ OAG, 74+ nAG, performing the differentiation with respect to the
Taylor Series expansion parameters of «,y , 3,8, nand evaluating the derivatives when
a=0,y=0,=0, 8=0,and n7=0. The details of the expansion process for the

terms on the right hand side of Equation 2.78 are presented in Equation 2.79.
In Equation 2.79, the first term on the right hand side is expanded through

substituting g+ eAqinto 'N s and expressing °D in terms of force interpolation

functions (; D=;N ,,x Q). Following the differentiation with respectto a at a = 0,
Aqis factored out from the resulting expression to derive the geometric stiffness matrix

(1K,) as given in Equation 2.80.
In the second term on the right hand side of Equation 2.79, ;D is expressed in

terms of force interpolation functions as ; D=7N ,, x 7Q . The nodal displacement values
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in N, are replaced by ,q + aAq . Next, differentiation with respect to & at a = 0 is
performed and A(q is factored out from the resulting expression. Carrying out the

integration along the element length, Equation 2.81 is obtained.

'L 'L
L g+ a0 QA0 Q,, +AQ, J+ B+ ) =| [ | (N Dxal || ['NI x| (Dyxa |+
da a,y.8.0.1=0 0 da 7.8, 9 7=0 0 A ay,p.0.0=0
lL d IL d
— INZ )% x'N . x(,q+aAq) xdx |+| [ /N7 x— e x'N . x(,q+aAg)) xd'x |+
J Tau b (NG RN G (0 +ade) j 8 g (kNG (0 +asp)

lL 1
ji | (NLO)x'D, xd' [+ ['N L (‘D) xd'T |+
0 A0 ay pon=0 “ L Mqo

!
’

‘[7 | GN, d d)xd' | +| | INp, x ((I—ld)xdlx -
0 d0aypon=0 da oy /H?q 0
fa 2
y | (Qu, +/Q,,) |+
Ld& ay.p.0.0=0
_d 1 el ¢ d U s OINGSTOINGS 71178 of2p .
jf | INTKING xd'Y ><(q+€Aq)+_[ | N XING xd 'V x(1q+€Aq)}+
Ly daay pog-o lay po=0
kd 1 eoinel Ine o glire of2s " d UsoingsT OIngs o 7l17s o 2a &
J— | N xN;de‘x(lq+UAq)+J— | p'xN; XN:XdVJX(1q+7]Aq):|
RE daa.y,/i.ﬂ.r]:(] s daa,y,ﬁ,o,qzﬂ
[2.79]
- .,
J— | ('N,)x{Dxd'x|={K,x Aq (see Equation A.22 in Appendix A)
0 da a,y.f.0,n=0
[2.80]
—IL d 5
1 T 2 1 1 T .2 1 2
| NGx—— | (D)xd|= [ INZxIN,, xd' [x Aq = 1G, x Aq [2.81]
L0 a,y.p.0,n=0 0
The third term on the right hand side of Equation 2.79 vanishes since 'N 5 lsnota
function of g :
IL d _
[—— | (N; )xlkw,xlNgg x,qxd"|=0 [2.82]
0 A ay pon-0 N

In the fourth term on the right hand side of Equation 2.79, ,q is replaced by
g + oA Q and differentiation with respect to a at o = 0 is performed to obtain the slip

stiffness matrix (7K, ) as shown in Equation 2.83.
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lL d
RS L PR R

xAg='K, x Ag
0 da a,y,p,0,n=0

1
L
1 T 17 1 1
= ~ X X ~ X
{j N %k !N xd's

0

[2.83]
The fifth, sixth, and seventh terms on the right hand side of Equation 2.79 vanishes since

and N ,, withrespectto a at = 0 are zero.

sc

differentiation of the terms N o 'D

[ (L) N, xdv} Zo 2.84]
INT i D Vxd'71=0 2.85
J %xda y/i’b’ry-ﬂ( Sc)x = [2.85]
11 a,y,p,u,n=
]L d R
[J% /3|a o(ngz)X(ld‘ld)Xd]x}:O [2.86]
0 a.y.B.0.=

Expanding the eighth term on the right hand side of Equation 2.79 yields Equation 2.87
given below:

K d A H d A H d
[ND == | (d-dyxdx|= | [INDx—— | (dxdh-[INLx-— | (d)xdl
0 0

da ay.p.0.n=0 0 da a,y.p.0.n=0 da ay.p.0.n=0

[2.87]
In Equation 2.87, 1& is replaced by 'N ;x19and g+ oAq is substituted for ;g as shown

in Equation 2.88.

'L 'L
d A d
INT x — d- dyxdx|=|| N} x— N, x(,q+ eAq) xd'x |-
|:'([ 1 D2 d(Z a’y’ﬂ!gﬂ:o(l 1 ) ] |:'([ 1 D2 daaA}/,ﬁ’lg’,]:o d (lq q) ]

[2.88]
{JfNézxd | (ld)xd‘x]

0 da a.y,p.0.n=0

Evaluating the differentiation of the first term on the right hand side of Equation 2.88

ata = 0, Equation 2.89 is obtained as follows:

'L 'L 'L
NI x| (d-dyxdls| = | [ INDxON xa's[xag- | [INL 2 | (d)xd's
0 da ay.p.0.=0 0 d 0 da a,7,B.0,n=0
[2.89]
In the second term on the right hand side of Equation 2.88, differentiation is performed
using the chain rule of differentiation given below in a similar way while deriving
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Equation 2.68. Then, ,q + aA(q is substituted into ;N ,, and the differentiation is
evaluated at = 0. This process is followed by factoring out Aq, which yields Equation

2.90 as given below:

'L
Jszzxi | d xd'x = D X ﬁzld ﬁ?Dz Xi | (fD)Xdlx
0 da a.y . B.0,n= o é’ D é’zD da a,y,5,0,7=0

— | (IN,x!Q)xd'x

'L

i

0

f ﬂ oD, d
0 O/JZD daa//mqo
'L

-1

0

N %'k IN, xd'

[2.90]
Substituting Equation 2.90 into Equation 2.89 and evaluating the integration along the
element length yields Equation 2.91.

'L 'L 'L
d .
JfN X (d—ld)xd'x]:{'[ngleNjxd'x]qu—[JfN;zx]k'foszd]x]qu

o dad oy pon-0 o o
=G, x AqQ- H,, x Aq
[2.91]
The ninth, tenth, and eleventh terms do not have any variables that are functions of ,( .
Therefore, differentiation of these terms with respect to o at a = 0 becomes zero as

shown in Equation 2.92 through 2.94.

d 2
— =0 2.92
da a,y,ﬂ,|9,q=o( Qe )} [ |
o d d
L NN [ | NN g -
RZ daa,y,ﬂ,&,r]ﬁ 1ys daa,;/,ﬂ,a,r]:O
[2.93]
o d | d T e
— lp‘xlN‘ x'N ¢ xd'Vex fq+J | p“xlN;TxlN;xle‘qu =
G daa,;/,ﬂ,ﬁ,z]:a daayﬂt?r] 0
[2.94]

The expansion process of the second term on the right hand side of Equation 2.78 is

summarized in Equation 2.95.
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L \
| g(qradiQ+ 00, A0, T+l i) =l [ L | (N Dt b NI | Dy s
d]/ a.y,p.0.0=0 ’ ’ 0 d Y ay.pu 9 n= 0 0 d}/ a.y,p.0.9=0

e L
d IN T 17, 1 1 1 T d 17 1 1
— N )xk x'N . x(,q+aAQ)xdx |+ | Ni x— k. x'N . x(,q+aAQq)) xdx [+
L0 d]/ a.y,ﬂ!ﬂ.rz:o( oy ) * oy (lq 9 :| |:'([ oy d}/ u,y.ﬁ!ﬂ.:z:o( * e (lq q))

_‘L 1
ji | (NL XD xd'T |+ ['N] x ('D, ) xd' |+
Lo d]/ a,y.B.0,7=0 ol ol d}/a ﬁﬁr] 0

|
Ly }

J.* | (1Nuz)x(d d)xd'x |+ |: 1N£z (dﬂd)Xdlx:l_
_Od]/n,y,ﬂ, =0 }/n ﬂﬁn(]
T4 2
o ‘ (chxt + ﬂAcht) +
LdY «r.poa=0
[ d [N c d 1 s ingsT s
J@ ﬁ|0 N ¢ xd'V x(q+9Aq)+jd7 ﬂ|0 N !N xd'V* x(Cq+6Aq) | +
Liye AV @ pon= .y p.=
d eIz el UINe wql7e of2p « d 1s JINGSTOINGS o 71175 o 24 5
[ 1 NGNS sd P xCamad)+ [ == | NG ING xd P (G + pad)
| e d}’a,y./fﬂ.l;zo s d}/n.y,ﬂ.ﬁ,n:l)

[2.95]

In the first term on the right hand side of Equation 2.95, 'N 57 18 not function of the

variable /Q . Therefore, the differentiation with respect to y evaluated at y = 0 vanishes

and the integration along the element length becomes zero as given in Equation 2.96.

'L

d

L | (N.)xDxdx|=0 [2.96]
AV aypon-o ¥

While expanding the second term on the right hand side of Equation 2.95, ?D is stated in
terms of force interpolation functions as ;D=7N ,,x;Q and ;Q is replaced by

’Q + y x AQ. Following the evaluation of differentiation with respect to » at = 0 and

factoring out the term AQ , Equation 2.97 is derived as given below:

'L d 'L d
[N ) (o= [N ) (810 Q)
'L

= [ [ 'NIZxN, xd'x [x AQ

[2.97]

Performing the integration of Equation 2.97 along the element length:
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'L

[ INT3N, xdlx]x AQ=2GT x AQ [2.98]
0

,0,n=0

]L d
@ NG “D)*‘“}

In the third, fourth, fifth, and sixth terms on the right hand side of Equation 2.95, the
variables on which differentiation is being performed are not functions of ;Q . Therefore,

the result of the differentiation and integrations of the aforementioned terms become zero

as stated in Equation 2.99 through 2.102.

[y
i lN T l]; IN dl] 0 -
d | s ¢ X N xgx = 2.99]
L 0 7a,y,ﬁ,€,;7:0 5 sc
o
J INT i %N a7l =0 100
‘y‘;“xd | X Ngp Padx = [2.100]
L0 * Y a.y.5.0,7=0 e
i ’ (1NT )XlD Xdllix q_o [2 101]
d o, sc Y= .
L' Y ay.p.0.1=0
J.INTA xi | (ID )Xdllxqz() 2102
K od,,. dj/ ay =0 sc 1

In the seventh term on the right hand side of Equation 2.95, the nodal force values in
IN,, (e.g., i P°, P*)are replaced by Q + jAQ (e.g., [P+ AP, IP° + AP”).
Performing the differentiation of the terms of N ,, with respect to y at » = 0, the
resulting expression is multiplied by (1 d- . d) . Carrying out the integration along the
element length and factoring out the term A Q , Equation 2.103 is derived as given below:

]Ld R
(zNgz)x(ld—ld)xdlx

— 1 = M x AQ (see Equation A.19 in
0 dj/ a,y,p.0,n=0

Appendix A)
[2.103]
The eighth term on the right hand side of Equation 2.95 can be decomposed into two

parts as shown in Equation 2.104

‘Lz T d 3 1 ]Lz T d 0 1 ‘Lz T d 1
_[1NDzXﬁa’yﬁ!mzo(ld'ld)”lx = '([INDZXEa,y,ﬁ,‘ﬁ',ﬂ:O(ld)de - J(;1NDzXﬁa’y)ﬂ!mzo(ld)xa’x
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[2.104]
In the first term on the right hand side of Equation 2.104, differentiation of 1& with

respect to y vanishes since 1& is not a function of ;Q . Therefore, the integration along
the element length also becomes zero as given below:
[iND, x=— | (d)xdx|=0 [2.105]
0 dj/ a.y.p.0,n=0
The second term on the right hand side of Equation 2.104 is first expanded through
substituting the cross-section constitutive equation of,d='k'x D . Then, ,D is
expressed in terms force interpolation functions as, D=:N,,x ,Q. ,Q is rewritten in
terms of ’Q as ,Q=7Q-'Q . Differentiation with respect to y is performed replacing ;Q
by ;Q +  x AQ and it is evaluated at ¥ = 0. Carrying out integration along the element

length, Equation 2.106 is derived.

'L

'L
d _
ijgz ] (]d)xdlx]:be[T)lek 1><12ND1><1Q><d1x]

(L
Ay ay.p.0.0-0 o

'L
= ﬂ[ nglekfleNDl X (fQ—1Q+ ¥ X AQ)xdlx]
0

'L

I nglek_leNDl xd'x | x AQ

0

=iHp xAQ
[2.106]
Substituting Equation 2.106 and 2.105 into Equation 2.104:
¢ d .
{fNéz | ()| < HE s 2.107]

The rest of the terms on the right hand side of Equation 2.95, including the ninth, tenth,
and eleventh terms do not have any variables that are functions of Q. Therefore, the
differentiation and also the integrations of these terms become zero as shown in

Equations 2.108, 2.109, and 2.110.
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{d | (me)}: 0 [2.108]

dY ayp.6.0-0
d T ) d T .
| NN xd g [ | NS ) ING xd g =
Iye dj/a,y,ﬁ,ﬂ,n:O Ips }/a,y,ﬂﬂ,nzﬁ
[2.109]
d r . d r .
T NN [ | NN x| < 0
RS dﬂ/a,y,ﬁ,ﬂ,qzﬂ s 7{1,7,ﬂ,9,ry:0
[2.110]
e expanded form of the fourth term on the right hand side Equation 2.78 is presente
Th ded ft f the fourth t the right hand side Equation 2.78 ted
below:
G| g Q0 0, + A, i =| [ | (N D] [NExL | Dy s
dP ay.pon=0 o ar o B aypon=0 o " AP ay.pon=o
'\Ld I d
l T 1 ANRA 2 1
O@WLJ (NG, 2k XN (1q+aAq)><dx}+UlNMuxdﬂayyﬂm ¢ kN x(lq+aAq))xdx}+
\Ld lL
[~ | (N XD, xdT|+ j‘NT ('D,)xd'T |+
i dBaypono M= o dﬁay/wq 0
o
= d—d)xd’x |+| [IN, x=— d—d)xd'x |-
_'([dﬂa,,v,ﬂ,‘ﬁ, (IN ) x(, ) x x:|+|: 1 szdﬂa . 0( 1d) x x}
f 2
7 ﬁ\” D(le+ﬂAQm)}+
Lap a.r.p.on=
_d 1 el d INGSTOINGS 7178 or24 .
= e xINTKINE xdYe x(1q+9Aq)+j | INSTING xd W x4+ OAG) | +
| < dBarpon-o s APy pon=o
_ji | XINGTXING xd'V (G + ) + J | PN TING 'Y X+ pd)
_ledﬂw,MUO dPay.poa=o

[2.111]
On the right hand side of 2.111, the only non-zero expression is the ninth term, since the

rest of the terms do not have variables that are functions of °Q_, . In the ninth term, the

ext *

differentiation is performed with respect to £ and it is evaluated at f= 0 resulting in

Equation 2.112.

d
— | (-1Q, - AQ,)|=-AQ, [2.112]
dﬂa,%ﬁ,b’,n:O
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The expanded form of the fifth term on the right hand side Equation 2.78 is presented

below:
4 | g(,q+aA,;Q+7AQ,iQ,, +AAQ,,.10+6Ad, 6 + nAd) = fi | (N )xDxd'x |+ lefxi | (D)xd'x [+
dea.;/,ﬂ.ﬂ,v:(]gl B A\S I oxio1 s 4+ 77 1400, 90,0 P ) & dga,,v,/i,ﬂ.n:ol
’\Ld s d
— N )k !N x(,q+0Aq) xdx [+ | 'NZ x— e x'N . x(,q+0Aq)) xd'x |+
j 26 (NG NG, X+ ad) j 8 (NG X+ ade)
[ D)
ji | (NL)x'D, xd |+ le; L | ('D,)xd'T |+
0 dea,;/.ﬁ,ﬁ,r]:(] © 0 © dea,;/.ﬁﬂ,r]:(]
[ 0
d ) P d P
— INTyx(,d=d)xd' [+ [ *N] x— d—d)xd'x |-
[ 28, s N80 } D X, | Gd=0)
[d
die ﬁ‘ﬁ O(IZQ(’M +ﬂAQ(’X/)}+
L ay.p0.0=
[ T L R ] A R e AR R I
Kt dBOaypog-0 ,V\d .7.8.0.1=0
_d 1 eoIn el UINe o al17e of2p M d s OINGSTOINGS 71178 o2 M
[ 1 NN xd P G+ )+ [ | NG IN xd P (G + A
7 dB@aypog-0 3 0y pog=0

[2.113]

In Equation 2.113, all the terms on the right hand side except the tenth term are not
functions of the variable}g . Differentiating the tenth term with respectto & and

evaluating it at @ = 0, Equation 2.114 is obtained as given below:

NNV xCa Ox )+ [ NN < xCa 0 46) |-
e dea‘y,ﬂﬂ,l]:(] Iys d@a,y,wﬂ:o [2'1 14]

J‘llucxlleTxlN;XleCXAq‘l' IlﬂsxlN;‘TXlN:XleSXAq

Iy I

The expanded form of the sixth term on the right hand side Equation 2.78 is given in
Equation 2.115. In Equation 2.115, all the terms on the right hand side except the

eleventh term are not functions of the variable ¢ . Differentiating the tenth term with
respect to 77 and evaluating it at77= 0, Equation 2.116 is obtained. Substituting

Equations 2.80 through 2.86, 2.91 through 2.94, 2.99 through 2.103, 2.107 through 2.110,
2.112,2.114, and 2.116 into 2.78, the expanded form of the equilibrium equation can be

restated as in Equation 2.117.
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d td K d
| g(,q+0A0,Q+7AQ,1Q,, + A, 14+ A0+ nAd) =| [ | (N )x{Dxd' |+| [N x== | (D)xd’x|+
dnaypoa=0 o dn aVﬂﬂq[) " AN aypog=o
'LLd 7 d
— INT )k x'N . x(,q+oAq)xd'x |+ [ 'NT x— 2k %N +aAq)) xd'x |+
j dres b Nt PN X0+ o) j B G i (0 +ad0)
'L 'L
ji | (NL XD, xd'T |+ ['N] VLA ('D,)xd'T |+
K daypono = o "% dlaypen-o
'L 'L
d d P
[== 1 G(NR)x(d- d)xdx} {ij&x | <1d—1d>xd'x}
K dﬂ a,y,8.0.0=0 0 dﬂ a,y,p,0,1=0
M 2
an ﬂ|9 O(Ianr+ﬂAQexl) +
L& aypo=
—d 1eoanel van e o gle o (2 . d Uos N sT OINS o 71178 o2 .
S NS XN xd T x (g g+ [ | NG N xd Y X+ 0ng) | +
iy dnay pon=0 s dNay poa=0
_d 1Ueoan el vane o qle o2 d 1s QAN ST OINS o 71178 o2 "
J.* [ P Ny Ny xd Y X(lq+77Aq)+_[7 [ P Ny xINGxd V* x(§ + nAd)
| i d’]a,y,ﬂﬂ,q:ﬂ s df]a.,v,ﬂ.ﬂ,qzﬂ
[2.115]
J.i | X INETINE xd Ve x (P + x AG) + '[ d | xINST)INS xd W x(Ca + px AG) |=
1ye dﬂa,y,ﬁﬂ,z]:() ! d’]a 7.,8.0,n=0 ! ! : [2.1 16]

{j XN XING xd P x a0+ [ oINS IN xd W ¢ Aq}
IVL IV\

g = g’ +(fK§+stjc+szj +(szT)j—szjz)X AW((fGlT)j (M) - (HE) )X AQ
- 8Q,,+'MxAG+'C x Ag
[2.117]

where: 'M’= J lpcxlN;TxlN; xd'V< + J P’ x'N’ 1N xd'V* | is the consistent mass matrix
IVc lV

ici= IHX N¢ 1N xd'Ve + j g IN;’Tx‘N;xle‘ is the consistent damping

|VL IV\

matrix

AQ in Equation 2.74 is placed in Equation 2.117 as follows:
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r\/

g/t = gf+( KJ+IKL+1G) + —12H2j2)>< Aq

(ie))
+((fG1T) ( Y- (3K ’) (3H1) GG/ + MJ=H/)) x Aq
+((fGI) +(M ) (zle)) (ZHH) xV/
-AQ,,+'M’ x AG+'C/ x A4 =0
[2.118]
Equation 2.118 is rearranged to solve for Aq as given below:

(Fairzsier+(jo1) <M+ ((F6r) + (M) ~(HEY Jx (13 (167 + Mi=H{) |« aq+

M xAij+1Cj x AG =_gj —((fGlT)j _I_(Mdr).f _(lesz).f) <1H11) <\ /+AQm

[2.119a]

*KJ x Ag'M7 x AG+'CO x AG = - - ((fGlT)j (M) - (leTQ)j)x (2H;') xviraQ

ext

[2.119b]

whereiK - (1K /K 1416/ « 1e2) <)+ (o) + (M) - (HEY )« (1)« e w1

scl

and K is the element tangent stiffness matrix.
Substituting Equation 2.50 into Equation 2.119b, the final form of the equilibrium

equation is obtained as given below:

'L

) ) . . ) j . . I )
K MG MR 4G 3 = = [ (INT) N x3Q7 xd = [ (N2 | N, x0T -

0 i

IL ‘ .
j(fNT ) D, xd'l +3QL, - [(IN],) x(d"-,d")xd'x -
' 0

((267) (M) - (HE) )x (1) v aq,,
[2.120]
where: 'K/ x Ag+'M/x2¢""'+'C/x2q """ =1Q/" -2Q/,

Q. =(lzG,T)‘/><,2QJ+ stcx,q+j( ) x'D.. xd1]+j( Dz) x(, d/- (d7) xd ' +

j j - ;
((fGlT) +(MdT) _(12H12) )X(anl) XV’
is the element internal force vector,at j ™ iteration of /™ time step and
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2Q/r'=2QJ. + AQ,, is the external load at j + 1" iteration of i time step

ext ext
2§/"'=29' + Aq is the nodal velocity at j + 1™ iteration of /™ time step

267*'=2¢ + Ag is the nodal acceleration at j + 1™ iteration /™ time step

In the mixed finite element method presented in Sections 2.2.2 through 2.2.11,
determining the nodal forces and displacements of the RCFT beam-column element
requires the solution of element equilibrium (see Equation 2.50), compatibility (see
Equation 2.51), and cross-section equilibrium equation (see Equation 2.52),
simultaneously. However, all these aforementioned equations are in nonlinear nature in
terms of their state variables (e.g., 4, Q, §, § etc.). Therefore, an iterative solution
scheme should be adopted which requires a linearization process to be performed for the
available equations (e.g., element equilibrium, compatibility, cross-section equilibrium).
The cross-section equilibrium equation was stated as the balance between the cross-

sectional forces ( Dy ) obtained from integration of material stresses over the RCFT cross-

section and the cross-sectional forces ( D) determined through element flexibility (e.g.,
through multiplying element flexibility with nodal displacements) and force interpolation
functions. The only state variable of the cross-section equilibrium was the cross-section
strain vector (d ) and the linearization process resulted in an equation relating the
incremental cross-section strain to the unbalance force between the cross-section forces
as stated in Equation 2.61. In the case of compatibility equation, two types of
linearization process were performed based on the state variables to be varied. The first

linearization was conducted considering nodal displacements ( q ) and nodal forces as the
state variables (Q ). This condition is often valid at the beginning of an incremental load
step or Newton-Raphson iteration since the current values of both gand Q are still

unknown quantities. Linearization of the compatibility equation with respect to the state

variables of q and Q produced Equation 2.74. Equation 2.74 is used in Equation 2.117
to calculate incremental nodal force values (AQ ) while deriving the expressions for the

element stiffness matrix. The use of Equation 2.74 is appropriate while deriving the

element stiffness matrix since the element stiffness matrix is formed without determining
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the current values of the states variables of gand Q at the beginning of an incremental

step or Newton-Raphson iteration. The second linearization process for the compatibility

equation was conducted based on the state variableQ and Equation 2.77 was obtained
relating AQ to the incremental nodal displacements (AQ). As it will be described in
Section 2.2.13, Equation 2.77 will be used while calculating the AQ corresponding to the
pre-calculated Aq values. The linearization of the equilibrium was carried out with

respect to the state variables of q, Q, Q,,,, 4, and §. The final outcome of this

ext
linearization covered the expressions of element stiffness matrix, consistent mass matrix,

consistent damping matrix, and internal force vector as can be seen in Equation 2.120.

2.2.12. Mapping of Element Forces, Displacements, and Stiffness
between Natural and Global Coordinate Systems

Before proceeding to establish the details of the incremental nonlinear solution
algorithm, it is critical to address the development of transformations between global (X,

¥y, Z),local (x, y, z), and natural (x, y, z) coordinate systems. The global

coordinate system is considered to be fixed in three-dimensional space and the geometry
of the structure being analyzed is defined within this system. The equilibrium equation
of the structure is also developed in the global coordinate system. A local coordinate
system is assigned to each finite element. As the analysis proceeds, the local coordinate
system follows the motion of the finite element but it is assumed to experience no
deformation. The orientations of the natural and local coordinate systems are assumed to
coincide with each other. However, in the natural coordinate system, the rigid body
rotations are eliminated from the element deformations.

The RCFT beam-column in its natural frame is defined with 13 DOFs as shown in
Figure 2.4. In the global (shown with the tilda) and local (shown with the caret)
coordinates, separate translational DOFs are defined for the steel tube and the concrete
core. As given in Figure 2.7, this results in 9 DOFs for each RCFT joint, including 6

translations and 3 rotations.
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Figure 2.7 Incremental Element Displacements in Local and Global Coordinates
The numbering of the DOFs was selected in a manner that allows automatic

assembly of the global stiffness matrix. RCFT beam-columns are assumed to be
connected to the other members (e.g., steel girders) of a frame through the steel tube
DOFs. Therefore, the first 3 DOFs were assigned to the steel tube translations, the next 3
DOF were assigned to the rotations, which are common for both the steel tube and the
concrete core, and the last 3 DOFs correspond to the concrete core translations. This
approach of numbering the DOFs helped using the RCFT beam-column element with

other structural members without modifying the assembly process.

2.2.12.1. Transformation of Element Forces

In Figure 2.8 and Figure 2.9, the positive sign conventions and numbering scheme

for the natural and local element forces are illustrated, respectively.
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Figure 2.8 Incremental Element Forces in Natural Coordinates

Using equilibrium equations, the incremental element forces in local coordinates (IQAW)

can be expressed in natural coordinates (,Q

int

i

A A re ne ~ A ~ Ae Ae A A A A ~
lQint - [1 Pl lVyi lei 1 Myi 1 Mzi 1 P lVyi lei 1 P/ lV}y' lej 1 Myj 1 sz 1

) as given in Equation 2.120.

J g

A A A 1T
By 7

[2.121a]

T
_ sc ¢ ¢ ¢ 4 ¢ s s s s s ¢ s
1Qinl—[1Pi lP' lei 1Myi lej lMy/' lPt' lei lM)*i le/ 1Myj IPm IPm]

A

B =- P'- P*, P'=- P
Vi=(My+ M)/ L, V==V

Vi =(M+ M)/ L, V2 ==V

M= (M M), M, = —(M+ M)
M =( M+ M), M, =( M+ M)

A A

c _ c sc Ac__ c
B = BB, P =

1VC :(leci-l-lecj)/La 1Vyj :_1Vyci

Vi =( Mo+ MY/ L, VS ==V

[2.121b]
[2.121c]

[2.121d]
[2.121¢]
[2.1211]
[2.121g]
[2.121h]
[2.121i]

[2.121j]

Equations 2.121c¢ through 2.121j can be consolidated as given in Equation 2.122.
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Q= T, Qu [2.122]
where:

T,, - transformation matrix of incremental element forces from natural to local

coordinate system (see Appendix A)

In the current formulation, the torsional response of RCFT members is assumed to be
linear. Therefore, the torsional moments in the local coordinates (lf" ) are calculated as in

Equation 2.123.

7-(—) x(,0,-,0,). T f--(—) x(=,0,+,0,) [2.123]
where:
GJ - torsional stiffness of the RCFT cross-section which is often taken as the

torsional stiffness of the steel tube (Gourley and Hajjar, 1994)

A

, 8 - torsional rotation in the local coordinates at 7 end

| éy - torsional rotation in the local coordinates at j end
A single joint of an RCFT beam-column element is assumed to have 3 steel tube forces, 3
moment, and 3 concrete core forces. Each of these forces and moments can be
decomposed into 3 orthogonal components with respect to the global coordinate system
as shown in Figure 2.10 for representative force components in the local coordinates.

The components of unit vectors along the local axes with respect to the global

coordinate system are designated as («, , «,, @.), (B., B,, B.).and (y,, 7,, 7.),

respectively. These unit vectors are used in the transformation equations of 131." , lVyf , and
117; to derive their counterparts in the global coordinate system (, P* Vyf, and 7).
B'=B xa+ V) x B+ V. xy, [2.124]
IIZ;:Iésxaﬁlrﬁ;xﬁﬁﬁ;‘X% [2.125]
Vo= P xa+ V. x B+ Vixy. [2.126]
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Figure 2.9 Incremental Element Forces in Local Coordinates

Figure 2.10 RCFT Beam-Column in Three-Dimensional Space

Similar equations can be written while transforming other components of l(j . and the

torsional forces into the global coordinates system so that incremental element forces in

the global coordinate system (IQ~ ) can be derived as given below:
1im:[1]315 117{: 1I7f 1T; IM)‘I IM:i 1}N)fc 117‘16 11716 1}3;'5 117: 117; 1T/ 1]‘7[)7' 1M:/ 113; 1171; 117/5]
[2.127a]
dy B g T

[2.127b]
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IQNint = TLTleQA” [2.127¢]

int
where: l(j"' is the incremental element end force vector in the local coordinates with

int

torsion included

(0 0 0 0 0]
0O I 0 0 0 0
g |00 70 000
“Tlo 0 0 I 0 0
00 0 0 I 0
00 0 0 0 I
a, a, a,
r'=\p. p B

Vo ¥y 7

It should be noted that the transformation matrix 7, is an orthogonal matrix. Therefore,

Equation 2.127¢ can also be expressed as given below:

T, Q.= Qo [2.128]
2.2.12.2. Transformation of Element Displacements

In an incremental nonlinear analysis, the element displacements are first
calculated in the global coordinates and then transformed into the local coordinate
system. A transformation similar to that of incremental element forces is performed
between local (,¢ ) and global (, g ) incremental element displacements as given in
Equation 2.129.

G =Tox\g [2.129]

or using orthogonality of 7, :

4= Tex,d [2.130]
Incremental element deformations in the local and natural coordinates are portrayed

inFigure 2.11. These two sets of displacements are linked to each other using Equation

2.131 (Yang and Kuo, 1994).
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1€°=,6 - € [2.131a]
1 NS
le;, _ (2>< L+lej_l xz) (l xl_l x1)+(l 1 yz) +(l 21_1 zz) [2131b]
2x 'L
ec _ (2X 1lA—le 1 xz) (1 Xj 1 x1)+(l hi leyz) +(1 zj 1 zz) [2 1310]
e 2x 'L :
R . 8-
10;:192i_ 1 XI]Ll ¥y , 102; :_lezj_% [2.131(1]
s A lézs'_lézsi S A lé:'_lézsi
10,=10, - le —,,0,=-,0, _/I—L [2.131¢]
N 5 Len- e
0520, - I 0 = 0, - [2.131f]
¢ A lézc'_lézci . A léz_c'_lézci
105=10, - 110y =10, - [2.131¢]

The axial DOFs defined for the mid-node of the finite element in the natural coordinate

system (e, ,, e, ) are eliminated through a static condensation procedure. Since the

m>1 m

external loads are assumed to be applied only at the element ends, the mid-node DOFs

are not used in the local and global coordinates. However, these DOFs are required while
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calculating element internal forces and they need to be determined while transforming
element displacements from local to natural coordinates. This is achieved by reversing
the static condensation. The element stiffness matrix is partitioned in such a way that the
equilibrium equation in natural coordinate system can be expressed in terms of retained

(g, ) and eliminated displacements (¢, ) in Equation 2.132.

K K
[ " rc}xlqr]:[(?m,} [2.132]
K, K.l 19 ] |Qu.

From Equation 2.132, (. can be solved as given below in Equation 2.133 (McGuire et
al., 2000).
q. = K. xQ,,. - K x K, x K.'x Q,, [2.133]

where:
K - element stiffness in natural coordinate system

Q..., - externally applied loads at retained DOFs

Q... - externally applied loads at condensed DOFs

T
C N N N N N
0, e 6.0, 0, 19yj]

o,

yi 1

c
zi 1 szly

Sc C C
lqr_[le e 0

T
c s
lqc - [lem lem]

—_ -1
Qextr - Qextr - Krc X ch X Qextc

Ky = Ky = Ko x KX K,
Since external loads are only applied at the element ends, Q,,,. can be taken equal to
zero. In addition, ¢, can be derived as given in Equation 2.134 (McGuire et al., 2000).
q, = K" x Qu, [2.134]
Substituting Equation 2.134 into Equation 2.133, the simplified form of q,can be derived

as follows:

q,=-K'xK_xq, [2.135]

2.2.12.3. Transformation of Element Stiffness Matrices
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The element equilibrium in the global coordinates can be also expressed in
Equation 2.136 as the balance between element forces and externally applied loads.
Equation 2.136 is equivalent to statement of equilibrium in Equation 2.50 except that it is
written at the element level in the global coordinates rather than at the cross-section level

in natural coordinates.

~

9="Qin-"Qu, [2.136]
where:

g is the out-of-balance vector

The truncated Taylor series expansion of the out-of-balance vector at the current state

(C2) about the C1 configuration can be derived as given in Equation 2.137.

9’=9'+ %x AQ [2.137]

where:

g> - out of balance vector at C2 configuration

' - out of balance vector at C1 configuration

g
AQ - incremental element deformations in the global coordinates between C1 and
C2 configurations

Substituting Equation 2.127¢ and Equation 2.136 into Equation 2.137 and then taking

derivative with respect to g yields Equation 2.138 as given below:

A

Mo 25 Qi A Qo
97 = 0"+ =5 QU x A+ T/ x —™x —x AG- —2Ex AG [2.138]
ﬁ/ t LG aj ﬁ« ﬁ

where:

R A  tr

K — anmt , -I—LG — %
After substituting Equation 2.136 into Equation 2.138, Equation 2.139 is obtained as
follows:

~ ~N ar #  tr 7 é’zdext
0°="Qin~ Qe + éézeQitnt X AQ+ TG x Kx T, x AT - —éq, x AQ
[2.139]
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Equating Equation 2.139 to zero for equilibrium and solving for A, the linearized form
of equilibrium is obtained in Equation 2.140 given below. Comparing Equation 2.140
with Equation 2.120 excluding its dynamic terms (e.g., Mx7¢ Cx ), it can be seen

that both equations are identical to each other. However, the former equation is written
in global coordinate system while the latter equation is expressed in the natural

coordinate system.

L 4 A ~ ~
( é&G X 2Qitnt + TLTG x KxT.5)x Aq:erxt - lQint [2.140]
The first term on the left hand side of Equation 2.140 represents the external stiffness

matrix while the second term is the 18 18 global stiffness matrix.

2.2.12.4. Derivation of External Stiffness Matrix

Equation 2.136 can be restated in local coordinates as shown in Equation 2.141,
representing the force balance at C2 between externally applied loads and the element

internal forces (Gattass and Abel, 1987).

'F+('K,+'K)x,6=,Q,, [2.141]
where:

K , - linear stiffness matrix, K . - geometric stiffness matrix
Since féext represents a set of forces that are in equilibrium at C2, the left hand side of

Equation 2.141 must also satisfy equilibrium at the same configuration. While

conducting incremental nonlinear analysis, at the beginning of each load step, which is

often referred as C1 configuration, the components of ' F is considered to balance each
other as it is illustrated in Figure 2.12. However, once the element undergoes a rigid

body rotation, the nodal forces also rotates with the element (Gattass and Abel, 1987).

Therefore, the components of ' F can not satisfy equilibrium and their resultant produces
unbalance force values as can be seen in Figure 2.12 and Figure 2.12. The resulting

unbalance forces must be compensated by the second term on the left hand side of
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Equation 2.140. Since the terms of ' K ;% ,§ represent a set of forces in self equilibrium,
'K ;% g must include force components offsetting the unbalanced forces generated due

to the rigid body motion of ' F. The geometric stiffness matrix in local coordinates can

be decomposed into two parts including internal stiffness matrix (' K ) and external
stiffness matrix (' K <) as follows (Gattass and Abel, 1987):
[2.142]

'K o 18 derived based on equilibrium considerations. Each column of 'K o represents the
reaction forces when a unit displacement is assigned to a single DOF while keeping the
rest of the DOFs as zero. Therefore, the components of 'K %10 are considered to be in
self-equilibrium. On the other hand, in order to satisfy the equilibrium of the finite

element at C2 configuration, the components of ' Kg@ x ,§ must contain the nodal forces

offsetting the unbalanced forces resulting from rigid body rotation of" F . The set of

unbalanced forces illustrated in Figure 2.13d and Figure 2.14d can be transformed into
the lkge x,§ format and ' K ¢ 18 derived as given in Appendix A.

While performing an iterative solution strategy to solve for element forces and
displacements, the iterations to satisfy the equilibrium of the analyzed structure are
conducted at the global level. This requires transforming the element stiffness ( K ) and

internal forces (Q, . ) derived in Equation 2.120 of Section 2.2.11 from natural to the

int
local and from local to global coordinate system. In addition, to calculate element
internal forces, the element displacements are transformed from global to local and from
local to natural coordinate system. These processes of transformations are conducted

following the rules developed in Section 2.2.12.
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Figure 2.12 Element End Forces at C1 Configuration

2.2.13. Slip and Shear Constraints

The current RCFT formulation requires imposing relationships between the
translational DOFs such that the steel tube and the concrete core adhere to compatibility
of their shear deformations. In addition, it may also be necessary to provide axial
deformation compatibility between the steel tube and concrete core. This condition may
arise when slip is prevented using shear connectors, multiple RCFT columns frames into
a joint, the size of the RCFT cross-section changes at a joint or RCFT columns are used
in a moment resisting frames. The constraint equations used for RCFT columns are
given in Equation2.71 to Equation 2.73. It should be noted that the constraint equations
given below are defined for a single joint. Since the steel and concrete interface is
modeled through a layer of nonlinear springs, assigning a high stiffness and strength
values to the springs, the constraint equation in the axial direction is ensured without
introducing any special technique in the equilibrium equations (e.g., penalty function,
transformation, lagrange multiplier).

Au’ - Au=0 [2.143]

Av: - Av=0 [2.144]
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Aw® - Aw=0 [2.145]

In this research, Penalty Function Method is adopted to satisfy the constraint
conditions between degrees of freedoms (Cook et al., 2002). Implementing the Penalty
Function Method requires the knowledge of the global nodes and the unit vectors
pointing the direction in which the constraints will be imposed. The directions of shear
constraints can be obtained from the cross-section vectors of an RCFT joint pointing the
weak and strong axes. The unit vector of axial deformation constraint is directed along
the RCFT member as shown in Figure 2.15.

The constraint equations defined for RCFT columns can be restated in a vectorial

form as given below:

C,xAQ=0 [2.146]

C,xAq=0 [2.147]

C,xAG=0 [2.148]
where: C, = [ax a, . 00 0 -2, -a - aZ]T

C.=[p. B B 000 -p -5 -8]

Ca=[7x yy 7. 000 -y, -y, —n]T

n=(a,., a,a)n=(8,pB, B)and n.=(y,, y,, y.) are the vectors

defining the global constraint directions (see Figure 2.15).

In the Penalty Function Method of satisfying constraints, a very high stiffness is
provided between the DOFs imposed to be equal to each other. The Penalty Function
equations are introduced to the global equilibrium equation as given below:

[K+axC xCl+axC,xCl+axC,xC/]xaq=4Q, [2.149]

where: « - penalty function value
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Figure 2.15 Global Constraint Directions for an RCFT joint

In the Penalty Function Method of satisfying constraints, a very high stiffness is
provided between the DOFs imposed to be equal to each other. The Penalty Function

equations are introduced to the global equilibrium equation as given below:

[K+a><C1><C1T+a'><C2><C2T+a><C3><C3T]><A(T:AQ [2.150]

ext

where: « - penalty function value

The main advantage of Penalty Function Method is that the number of equations
remains unchanged. As illustrated in Equation 2.149, it is easy to incorporate in a
nonlinear analysis program with minimal changes in the global equilibrium equation
(Schiller and Hajjar, 1998). The penalty function method becomes more accurate as the
value of o gets larger. If o is given very high values, it is possible to have numerical
difficulties. Bathe (1994) recommends having an & value of 100 to 1000 times the
largest diagonal term in the global stiffness matrix.

While performing geometrically nonlinear analysis, it is required to update the
constraint equations to account for the changes in the geometry of the structure (Schiller
and Hajjar, 1998). The transformation of the constraint directions is conducted as given

below:
n=T,x'n [2.151]

where: T is the C1 to C2 transformation matrix for constraint directions
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cosAgy X cosAgz cosAgy X sinA§Z sinAgy
—sinAgxxsinAgvxcosAgz —sinAgxxsinAgyxsinAgz N -
T = ~ ~ ~ - sinA 6, x cosA 6,
- cosA @, x sinA 0, + cosA @ x cosA 6,
—cosAéN?xxsinAgyxcosAéz —cosAgxxsinAgyxsinAé - -
cosA &, x cosA 0,

|+ sinA gx X sinAgZ + sinAgx X cosAgz

'nis the unit vector in the constraint direction in configuration C1

*nis the unit vector in the constraint direction in configuration C2

AG., A g?y, A 6. are the incremental rotations in the global coordinates

In an iterative nonlinear solution algorithm for a structure, Equation 2.150 is
utilized while assembling the global stiffness matrix of the analyzed structure. The
stiffness matrix derived in Equation 2.120 of Section 2.2.11 is transformed to the local
from natural and then it is transformed to the global from local coordinate system as
documented in Section 2.2.12. The global stiffness matrices of the elements are
assembled together with the Penalty Function equations as given in Equation 2.150 to
form the structural stiffness matrix. At the beginning of each local step and Newton-
Raphson iteration, the transformation matrix in Equation 2.151 is used to update the

constraint directions.

2.2.14. Element Force Recovery

Incremental nonlinear analysis starts with the solution of structural displacements
corresponding to the external load increment in global coordinates. This stage is also
called as the predictor phase of nonlinear analysis (Yang and Leu, 1991). The structural
displacements in global coordinates are then transformed to the natural coordinates to
determine element deformations. The force recovery stage (also called state
determination, or the corrector phase) involves the processes to calculate element forces
from element deformations. The accuracy of the analysis results is often governed by the
force recovery stage (Yang and Leu, 1991). Having two primary sets of unknowns

(displacements and forces), the mixed-finite element formulation often has a more
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elaborate force recovery procedure compared to displacement-based and force-based
solutions. In this section, the steps of the force recovery stage for the RCFT beam-
column element are summarized.

All force recovery calculations are performed in the corotational coordinate
system. The integrations are carried out numerically based on a Gaussian-Lobatto
numerical integration scheme. In this integration scheme, the location of integration
points along the element length and the associated weighting parameters (/) per
integration point are selected in a manner that element ends points are included in the
integration. As the force and deformation values at the element ends are often the largest
within the element (e.g., for cases of reverse curvature flexure), this approach enables the
values at the end cross sections to be monitored directly throughout the analysis. It is

assumed that the calculations are assumed to be performed while the analysis is

1 th th

proceeding from the j ™ to j+ 1™ iteration of the i ™ load step for static analysis or i

time step for dynamic analysis.

The first step of force recovery is to obtain the incremental element deformations
(Ag’*") in natural coordinates using the transformations described in Section 2.2.12. The
total element deformations with respect to the C1 configuration (beginning of step) at C2
configuration (> q’*") and incremental element deformation with respect to the C1

j*1

configuration (,q°" ) are then updated. Interpolating the deformations along the element

length using Equation 2.12a, the incremental strain and curvatures at each integration
j+1

point (ldA « ) are evaluated based on the kinematic assumptions in Equations 2.1a, 2.3,

2.4, and 2.7 as summarized in Equation A.10 in Appendix A and as illustrated in Figure

2.16.
Following the calculation of d J*'", a clear distinction between displacement-

based, force, and mixed finite element formulations can be noticed. Since a

displacement-based finite element formulation is a strain driven formulation, the cross-
section forces are directly calculated based on first using ldA J*!in the constitutive

relations to obtain stresses and cross section forces. The cross-section forces at the
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integration points are then integrated through the element length to obtain nodal forces.
The Newton-Raphson iterations for a load step or time step are performed based on the
unbalanced load values. On the other hand, in force-based formulations, the element

internal forces are calculated directly by multiplying the element stiffness by the nodal
displacements. Since no displacement interpolations are employed, 1& ) is not

calculated. The Newton-Raphson iterations are then conducted for the residual

displacements.

K -Obtain AQ’"" from AG’*" using Equation 2.131 \
- Update 27" (2q7*'=2q” + Aq’"")
1qj+1 (1qj+1:1qj t qu+1)
- for (k= 1; k < Number of Sections )
- Obtain 1&kj+l (lék"” = (N‘?)kx lqjﬂ)
k (see Equation A.10 in Appendix A for N ;) j

Figure 2.16 Flow Chart of Curvature and Strain Calculations at the Integration Points

In the mixed finite element method, the element nodal forces and displacements

are related to each other through the linearized form of the compatibility equation (see
Equation 2.77), which is derived as a function of ,d/*' and d/*'. The cross-sectional

forces are obtained through interpolating the nodal forces along the element length (see
Equation 2.14 and Equation A.6 in Appendix A) and they are compared with the cross-
section forces obtained through integrating the stresses of the material fibers over the
cross-section. These two sets of cross-section forces need to balance each other in order
to ensure equilibrium at the cross-section level. In the mixed finite element formulation
adopted in this research, iterations are only performed at the global level. The unbalances
of the compatibility and cross-section equilibrium equations are converted into
unbalanced nodal forces and they are eliminated together with the unbalanced nodal
forces generated from element equilibrium at the global coordinate system. This
approach was found to exhibit good convergence characteristics, especially, for problems

with significant concrete cracking (e.g., pure bending) causing drastic changes in the
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concrete terms of the cross-section stiffness matrix. However, it is also possible to
eliminate the unbalances of compatibility and cross-section equilibrium iteratively
without transferring them to the global level (Alemdar and White, 2005).

Figure 2.17 portrays the details of calculating incremental nodal forces. In Figure

2.17, Equation 2.51 is utilized to compute the compatibility equation (V') producing a

residual displacement vector if there exist an unbalance between cross-sectional strain
vectors of ,d/*" and,d/. It should be noted that the additional term 2f/ x(*D/ -1D,/) while
calculating V! in Figure 2.17 accounts for the unbalance of the cross-section equilibrium
in the previous iteration which is converted to strain values transferred to the unbalance
of the compatibility equation. The TH,,’ matrix, which can be considered as the element
flexibility is obtained through Equation 2.73. Both V! and TH,,’ are calculated using
numerical integration along the element length as described in Figure 2.17. As it is also

shown in Equation 2.77, incremental nodal forces (AQ’*"), defined in Equation 2.13, are

determined multiplying V'and H,, .

- Evaluate incremental element forces

i1 20y -1}/ j
AQ’ :(1H11) xV
where:
Number of Sections ) 41 5 41
2 j_ 1 Y 2¢ j J
Hy' = Z LXVVI(XI(NDI)k lekXI(Nm)k
k=1
3 -1
(£4) - (EQY) 11(EQJ )k/ 0 0
(e S(er) () o 0 0
2 \/ 2 SV 2 Jj

fil= N |(EQ”)k I(EI—‘:)I\ |(EI“)k 0 0 5 0
1Tk T 2 N

0 0 o er) -(ee) - (£0),

0 0 0 (e@) () ZI(EI ).

2 2 j 2
0 0 0 N ](EQ) )i |(E1) k 1(E1 )11
Number of Sections ) .
) j " . ) ) .
V= Z 'Lx Wex I(Ngl)k X(ldkjﬂ_ldkj_ffkj X(fD/{_lzDzz))
k=1
- Update element nodal forces

2R+l _2AJ 41
1Q1+ =2Q7 + AQ’*

Figure 2.17 Flow Chart of Calculating Nodal Forces
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As described in Figure 2.18, after the calculation of nodal forces, the force
recovery of mixed finite element formulation proceeds with the interpolation of nodal

forces along the element length using Equation 2.14. This process produces cross-section
forces (;D)*') at each integration point along the element length. The equilibrium at the
integration points is checked by comparing the cross-section force vectors from force

interpolation functions (7 D/*") with the cross-section force vectors obtained through
. . 2 ' .

numerical integration over the steel and concrete fibers ( l(D 5 )|J< ). The resulting out-of-

balance cross-section force vector is multiplied by the cross-section flexibility (} f/*' or

200 i) . L . . ;
1(k H ”) ) to obtain the corresponding incremental cross-section deformations (,d/*").

However, in order to ensure the curvatures of the steel tube and concrete core to be the

same, the cross-section stiffness is modified by combining the flexural terms of the steel
a2 +1 - -

tube and concrete core yielding 1( f comp )i as shown in Figure 2.18. The similar process

of combining the flexural terms is also performed for the cross-sectional forces of

2 i - . 2 j*1 2 j+1 .

1(D E)IJ( and ;D)*' producing, 1(fomb)ljc and 1(D°°mb)i , respectively, as they are

defined in Figure 2.18. The cross-section equilibrium equation is expressed as the

]

2
difference between (fomb )
1 k

and 21(D°°mb)i+l. Therefore, 1(d °°mb)‘:1 is obtained by

multiplying the unbalance of cross-section equilibrium (e.g. 21(D°°mb )iﬂ - ZI(D?”“b );{)

J

+1 .
. ) contains two

1 j+1 . . .
by ( f oomP )//: . The resulting cross-section strain vector (1(d °°mb)

. . . AV
independent axial strain values for the steel tube (1(8‘ )]I: ) and the concrete core

YL comb AL comb J+l :
( 1(‘9 ) . ) and two curvature values (l K, )k , ](Kz )k ) with respect to the two axes

of bending, both of which are defined commonly for the steel tube and concrete core.

J+

1. . . .
. Including both curvatures and axial strains are mapped on

The strain values of 1(d Comb)

to ,d/"'as it is presented in Figure 2.18.
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- Evaluate the cross-section forces at each integration point
for ( k= 1; k < Number of Sections )

2 i+l _ J+l j+1
D)= (N ) xiQ

where:

zi 1 zi 1 y 1
+1 . . . . . .
(N D1 )j is the force interpolation function matrix (see Equation A.7 in

Appendix A)
12D1{H _ {ZI(PC)M (MC)JH (Mc)m 21(PS)£+1 (MS)J” 21(M5>1H}

k

. . J+l . . .
- Evaluate the cross-section deformations 1(d comb ) . at each integration point

for ( k= 1; k < Number of Sections )
l(d comb)j+1: 21( f comb)z % (21(Dcomb)f+1_2l(D§0mb)j)

k
where:
[ e, 0 ) - (eer), -i(ee) - (pe2) |
(fcomb) 0 zl(EA‘): ) _1(EQJL’)/:_1(EQ“): _ZI(EQ;)i zl(EQ;)A/
- lee) - (e), - (er) - (me) () () ) (),
-(Be:) = (e0)), <(E0) - (pe:), () < (), () (),
dcomb j*1 /H (gs)j+1 (K‘comb)'ljrl (Kcomb)1+l !
k 1 y k 1 z k
b)J+1 Jj+l j+ 2 J+lo 2 j+l 2 Jj+l Jj+l T
(Dcom) [(Pc) ( ) l(M;)k +1(M;)k I(Mj)k (Ms) }

Lk k

L A S 0 A 0 A A LN

- Evaluate cross-section deformations d k’ ! at each integration point

. ; j+1 i+l i+1 j+l
it ( C)]+1 ( con1b)j+ ( comb)/+ ( s)/+ ( camb) ( eamb)
1(d) - |:1 & ) K k 1 Kz k 1 € k 1 K)’ k 1 KZ k

k k y

Figure 2.18 Flow Chart of Calculating Cross-Section Deformations

) T J+l
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T

for ( k= 1; k < Number of Sections )
) T
j+1}




At each integration point, the constitutive relations for the steel (o ) and concrete

(o) fibers are updated based on the values of ,d/*'. Performing numerical integration,

: . ; . 2 Jtl
an updated cross-sectional stiffness (7k/') and cross-section force values ( l(DE )11 ) are

obtained as summarized in Figure 2.19. The kinematic equation presented in Equation

J+l

«; ) and the slip deformation from nodal

2.9 for interpolated slip deformation (lc?
displacements in Equation 131a (,e;*) is utilized to calculate the incremental slip with

respect to C1 configuration (, &=, c?sci“ -,e’) at each integration point. The stiffness of

: 20— Vil . .
the interface between the steel tube and concrete ( l(ksc): ) is updated once the slip

constitutive relation (o, ) is incremented based on, &°.

. . / 2 j 1
The updated values of cross-sectional forces stiffnesses (e.g., ;K/*', l(ksc);+ )

Jj+1
int

and strains (e.g., ,d/*', ,dJ*") are used to determine the element internal forces (iQ

derived in Equation 2.120 as described in Figure 2.20 and Figure 2.21. The first term in
. 2~ i\ 2~ . s 2 \T
Equation 2.120 defined as 1(GIJ ) x Q' is obtained multiplying ](GIJ ) (see

Equation 2.73) by Q"' described in Figure 2.17. The term "K' representing the slip

stiffness of the RCFT beam column element is determined through numerical integration

along the element length (see Equation 2.83) and it is used to obtain the incremental force

! I 41
at the steel tube and concrete core interface. Similarly, the term j (N ; ) X (DSC)Z xd'l
]] sc k

defining the force at the steel tube and concrete core interface in C1 configuration is also

evaluated through numerical integration along the element length. For each integration
1 j+
point, (N (; ) is calculated as defined in Equation A.13 in Appendix A and 1(Dm)]/c 1
sc k

representing the stress at the steel and concrete interface in C1 configuration is obtained

as it is stored at the last iteration of the previous load step (or time step). The numerical

'L
integration of the term J' INT x(,d-,d)xd'x 1s carried out following the calculation of
0
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2 : a. . . . . 2 i+ . . .
1(N -L’j;)k and (,d;"- d/*') for each integration point. ](N ;,;)k is obtained using the
Equation A.15 in Appendix A, 16 Jand d k‘” are determined from the previous steps of

the force recovery given in Figure 2.16 and Figure 2.18. The term M, which is derived

through linearization process of the compatibility equation is obtained using Equation

A.19 in Appendix A and it accounts for the P - ¢ effects. The terms 21(H " )M and

2

1(H . )j+l described in Equation 2.73 are calculated through numerical integration along

the element length. The compatibility equation (V /*') with the updated values of the

cross-sectional terms (e.g., l(f o ij) is calculated as described in Equation 2.51.

. . . 2k]'+1 2(k )j+1 2(D )j+1
- At each integration point evaluate K, |k, ), \Dy),
for ( k= 1; k< Number of Sections )
) " # conc fib. # conc fib. # conc fib. #stl fib. # st fib. #sl fib.
J* c + ¢ + 5 ¢ + = s + s + = s + -
(D) =| Xeond™4, Y-oi(d™Maz Y -oi(d"4y Yo(d4, Y -oi(dM4z Y -oi(d")4y

n=1 n=1 n=1 n=1 n=1 n=1

where: 0° is the constitutive relation for concrete core

o’ is the constitutive relation for steel tube

d(z,)

[ mumconc fib numconc fib numconc fib
Y(5,64™4) - Y(E(d™M4y) - Y(E(d™42) 0 0 0
n=1 n=1 n=1
num conc fib numcone fib numconc fib
- Y(EGAMAy)  T(EGAM4y)  L(E(E4,) 0 0 0
n=1 n=1 n=1
numconc fib ‘numconc fib num conc fib
- (B4, Z(/Enmd'”)A,,yz) Z(/Enud“‘mzz) 0 0 0
fkkﬁl = ! " ! um stl fib mmsdfib - um sl fib
0 0 0 Y(EGM4) - Y(EGE™M4y) - L(E(dM4z)
n=1 n=1 n=1
num stl fib numstl fib numstl fib
0 0 0 - Y(EGIM4y)  T(EGAMAY) Y (E(d7)4,2)
n=1 n=1 n=1
num stl fil numstl fib numstl fib
0 0 0 - Z/”(}ﬂad”‘)A,,z) Y(E(d™MAy)  X(E(d7)4,2)
n=1 n=1 n=1 J
2 J+l _ do—sc Jt+l
1( sc) k - (1 gsc )

where: 0, is the constitutive relation for steel tube and concrete interface

. 6‘51 is the incremental slip at the steel tube and concrete interface with respect to

C1 confiouration
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Figure 2.19 Flow Chart of Updating Constitutive Relations and Integrating over the

RCFT Cross-Section for Stiffness and Force Calculations

- Get fQjHas calculated in Figure 2.17

- Evaluate 12G 1j+1 using Equation 2.73

Number of Sections

. 2 j+1 1 Jj+1
20 j+1 _ 1 T \
G/" = z L x kal(NDl)k X (Nsa?)k
k=1
20 VT .
- Evaluate 1(GIJH) x Q!

- Evaluate fKSjCH using Equation 2.83

Number of Sections

1 Sy i | Jtl
2 1 y !
lec = Z Lx VVk X (Nbﬁw )k X l(ksc)k X (N’sdn)

k=1 Tk

- Evaluate j 1(N;,“)k>< I(Dsc)j+1 xd'l

k
'1
1 . 41 . il | NumberofSe]ctions 1 ; 4l . "
j N X (D) xd 1 = Z LxW x [N_ X (D)
o, ¢k k o, ¢k
I k k=1 k

1
(see Equation A13 in Appendix A for (N (;T{;, ) )
se ) k

'L
- Evaluate J' N, x (1&_ (d)xd'x using Equation A.15 in Appendix A
0

for ( k= 1; k < Number of Sections )

a1 )

j+1_ j+1 j+1_2¢ j+l 2+l 2[J
a7 = (NA)kX1qJ+»1dk = X(IDH_IDZJ)

d
'L Number of Sections ) .
INEA 1 _ 1 T\’ 1+l j*1
lesz(ld_ld)XdX— z LXVkal(NDZ)kX(Idk - di )
0 k=1

- Evaluate ' M 4 s given in Equation A.22 in Appendix A
j+l

2 (H )j+1 d 2 (H ) . .
- Evaluate (H, and (H,, using Equation 2.73

Number of Sections ) o 5
T Z 1 T\ 2g it ( )
H,/ = Lx MXI(NDI)k x f; X N,
k=1
Number of Sections

2 j+1 2 j+1
1 T 2¢ j+1
L x kal(NDl)k x 117 x (Nm)

1 k

Vaz!
k

2 J
1H12

Figure 2.20 Flow Chart of Calculating Element Internal Force



ﬂvaluate v i using Equation 2.29 \

Number of Sections

Vit - Z LXWX( Dl) (dj+l dkj+l_12fkj+l><(12D/+ ’p /+1))

- Evaluate 2Q/*' as in Equation 2.120 using the term described above.
int

. 1
2 Jj+l i : :
QL'=(6]) QI K g + (N;“)XIDwxd11+
1
I

A A R (RS CHI T A

\_ .

Figure 2.21 Flow Chart of Calculating Element Internal Force (cont’d)

The additional term ; f/" x(;D/"'-}D, /") in Figure 2.21 while evaluating V /*'account for
the unbalances of the cross-section equilibrium equation (e.g., 7D;"'-:D, /"), which is

converted into cross-section strains and transferred to the compatibility equation. Finally,

the force recovery is completed calculating the internal nodal forces using Equation

'L

2.120. While evaluating ;Q/*" in Figure 2.21, the terms Jz( )f” x(,d71- d7*")xd’ and
1

nt
0

(Z(G{)”1 ¥ (Mf)j+l_21(HlT2)j+l)x "(H,!)"" xv /" represent the unbalances of compatibility and

1 1

cross-section equilibrium equations converted into unbalanced nodal forces.

2.2.15. Element Stiffness Calculation

The stiffness of the RCFT beam-column element is calculated at the beginning of
every iteration and time step in an incremental nonlinear analysis to determine the
structural displacements. Due to the changes in the structural geometry, element forces
and stiffnesses, the terms of the stiffness matrix are continually updated throughout the
analysis.

A summary of the computations to obtain the stiftness matrix of the RCFT beam-

column element is illustrated in Figure 2.18 as the analysis is proceeding from ;™
iteration to the j + 1™ iteration of the i ™ load step (or time step).
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In Figure 2.22, the geometric stiffness matrix (; ng ) accounting for the P- A effects is

evaluated through numerical integration using Equation A.22 in Appendix A. Integrating

Equation 2.83 along the element length, the slip stiffness matrix (}K/) of the RCFT

. P2 AT : i
beam-column element is calculated. The terms;G.), 1(GZJ ) .and ;H), are derived to

include the P - ¢ effects in the RCFT beam-column stiffness matrix. The

aforementioned terms are evaluated by performing the numerical integrations in
Equations 2.73 and 2.91. Similarly, the terms *H/, and M/ also reflects the P~ &

effects in the formulation of stiffness matrix of the RCFT beam-column element.

Equation 2.73 and Equation A.22 in Appendix A are utilized while evaluating the terms
*H /) and M/, respectively. The zl(H " )j+1 representing the element flexibility matrix is

obtained as described in Equation 2.73 evaluating the numerical integration along the

element length. The evaluation of the stiffness matrix (; K) is accomplished through

o . ) . ; - 2/ T
substitution of the numerical values of the terms including /K], 1KJ, (G, l(Gz’) ,

*HJ.2H}, M} and "(H,,)"" into Equation 2.119a.

2.3. Three-Dimensional Distributed Plasticity STL Beam-
Column Element

A 12 DOF steel beam-column element was also derived following the mixed
finite element principles described in Section 2.2. Independent interpolation functions
were utilized for the displacement and force fields along the element length. Cubic
Hermitian shape functions were defined for the transverse deformations while a constant
shape function was introduced for the axial deformations. The element internal forces
were estimated through constant shape function for the axial load and linear shape
functions for the bending moments. The kinematic equations adopted for the axial strains
and curvatures were kept the same as defined for the RCFT beam-column element. The
element internal forces and stiffness matrices were also obtained utilizing the same

methodology derived for the RCFT beam-column element as detailed in Section 2.2.
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- Evaluate f ng as documented Equation A.22 in Appendix A
- Evaluate | K. using Equation 2.83

~ Number of Sections 1 j Co1 Jj
(K,) = YL NT ) (k) x (N
1) — k od, v 1INk od,, k
k=1

- Evaluate fGIj using Equation 2.73

Number of Sections

2 j 1 200\ J
G/ = Z LXVVkXI(NDl)kX (N&;)k
k=1
2~ . .
- Evaluate G, using Equation 2.81
Number of Sections 1 ; ;
2n 1 T\ 2[)-
G) = Z Lx W, x (N&?)kx(lD)k
k=1
2 J o2 J 2 Joo. .
- Evaluate ](H“) , 1(le) , and 1(sz) using Equation 2.73, 2.73, 2.91,
respectively
Number of Sections ) . 5 )
2 Jj_ 1 T\ 2¢ ) J
Hy' = Z LXVVkXI(ND])kXIkal(NDl)k
k=1
Number of Sections 5 . 5 .
2 j_ 1 T\ 2/ J
Hp' = Z LXVVkX1<ND1)kX1ka1(ND2)k
k=1
Number of Sections . .
*H,, - L (ND) 5 (N ),
1Hn” = XWX \Nopp ), X e X \Npy ),
k=1

- Evaluate |\/|dj as given in Equation A.22 in Appendix A
- Evaluate 12 K! using Equation 2.119a

((ng)i+stjc +GJ+ (G;)’—ngl) +

(G < () ~Ghz) e () o0+ mi-iw12)

2K
K

Figure 2.22 Flow Chart of Calculating Element Stiffness
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Chapter 3

3. Uniaxial Cyclic Concrete Constitutive Model
for RCFT Members

3.1. Introduction

The load transfer mechanism of RCFT members allows the shedding of force
between the steel tube and concrete core through the interface of the two media. This
distinct feature of RCFT members allows the contribution of both the steel tube and
concrete core while resisting externally applied loads. In Chapter 2, a fiber-based finite
element formulation is presented, which is appropriate to simulate the load-transfer
characteristics of RCFT members in a rational way. However, in order to model their
nonlinear response accurately, the fiber-based finite element formulation should be
implemented along with comprehensive constitutive models to trace the stress vs. strain
response of the material fibers. In this chapter, the cyclic uniaxial stress vs. strain
relation adopted for the concrete core is introduced. Both the advantages and limitations
of the model are discussed. Several verification studies are presented to demonstrate the
performance of the model.

In the literature, there exist numerous research studies focusing on the stress-
strain response of concrete that are relevant to the response within RCFTs, including
Chen and Chen (1975), Sheikh and Uzumeri (1982), Mander et al. (1988), Collins and
Mitchell (1990), Saatcioglu and Razvi (1992), Chang and Mander (1994), Amer-Moussa
and Buyukozturk (1990), Cusson and Paultre (1995), Attard and Setunge (1996), Lee and
Fenves (1998), Palermo and Vecchio (2003), Grassl and Jirasek (2006). The majority of
these studies cover specifically reinforced concrete structures. There are mainly two
approaches to develop the stress-strain relationship of concrete. In the first method, the
classical theory of plasticity is employed to simulate the multiaxial cyclic behavior of
concrete (Chen and Chen, 1975). Assuming concrete as a homogeneous media and

neglecting its microscopic character (e.g., interactions between aggregates and mortar),
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the stress and strain tensors are related to each other incrementally. An initial yield
surface (loading surface) is introduced to define the boundary between elastic and plastic
deformations. The evolution of the loading surface during the loading history is
described through a hardening rule. In order to obtain the incremental plastic strain, a
flow rule is defined with either associative or non-associative nature. In addition, the
concept of failure surface in the stress space (e.g., principle stresses) is adopted to detect
the ultimate strength of concrete. The failure state (e.g., crushing, fracture) is assumed to
be reached once the stress state of the material breaches the failure surface. The
mathematical representation of the failure surface is critical since it is the failure criteria
that determines the basis of concrete constitutive relations (Chen and Han, 1988).
Despite the successful application of plasticity-based models, difficulties in capturing the
salient features of concrete are not uncommon. For example, the strain softening
response (e.g., strength degradation following an increase in strain), stiffness degradation,
and energy dissipation during load cycles are not represented satisfactorily (Ameur-
Moussa and Buyukozturk, 1990; Lee and Fenves, 1998). Therefore, the plasticity-based
concrete constitutive models are often augmented with damage models. In the concrete
model by Ameur-Moussa and Buyukozturk (1990), a bounding surface, usually
coinciding with the failure surface, is introduced enclosing all the attainable stress states.
The material damage accumulating during the loading (e.g., microcracking, tensile
cracking, crushing, fracture) is represented through reducing the size of bounding surface
isotropically. Lee and Fenves (1998) derived a scalar fracture-energy-based parameter to
quantify the damage states of the material. The alternative way to the plasticity-based
concrete models and their counterpart models with damage simulations is to develop
uniaxial formulations so that the multiaxial stress conditions can be accounted for
implicitly. This is often achieved through generating a family of curves defined by
polynomial equations, where stress values can be obtained for a given strain history
(Sheikh and Uzumeri 1982, Mander et al. 1988, Collins and Mitchell 1990, Saatcioglu
and Razvi 1992, Chang and Mander 1994, Cusson and Paultre 1995, Attard and Setunge
1996, Palermo and Vecchio 2003). The advantage of this approach is its simplicity
avoiding the complexities existing in the plasticity-based models. In this work, the
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monotonic and cyclic stress vs. strain response of the concrete core of RCFT members is
simulated via deriving a set of empirical nonlinear curves calibrated with respect to the

experimental studies available in the literature.

3.2. Monotonic Compressive Response

In this section, the behavior of concrete inside short RCFT columns under
uniform compression is discussed. The test results conducted on RCFT columns are
examined and the reported data is utilized to derive a uniaxial constitutive equation under
monotonically applied loadings.

When RCFT members are subjected to compressive strains, both the steel tube
and the concrete core experience a lateral expansion. In the early stages of loading, the
Poisson’s ratio of the concrete core is less than that of the steel tube. However, as the
loading proceeds, due to micro-cracking, the rate of the lateral expansion of the concrete
core becomes larger than that of the steel tube. A radial interaction between the two
media develops such that the steel tube restraints the concrete core to expand laterally.
This interaction yields a confinement pressure acting on the concrete core, which puts the
concrete core into a three-dimensional stress state and generates hoop stresses on the steel
tube. The arching action, the trajectories of the confinement pressure, occurs between the
corners of the tube and extends uniformly throughout the length of the columns under
axial compression. The confinement effect improves the ductility of concrete.
Nevertheless, it is usually not possible to see any significant enhancement in concrete
strength since the confinement effect is restricted within the corner regions (Bridge, 1976,
Inai and Sakino, 1996). Reinforced concrete sections with rectangular hoops also exhibit
a similar type of confinement despite the fact that there exist some differences. In
reinforced concrete sections, improvement in compressive strength of concrete due to
confinement is not negligible and it is accounted for in many of the confined concrete
models (Sheikh and Uzumeri, 1982, Mander et al., 1988). The steel tubes in RCFT
members carry longitudinal stresses and lateral stresses at the same time while the
rectangular hoops in reinforced concrete sections are subjected to longitudinal stresses

alone. Therefore, the efficiency of confinement in RCFT members is relatively lower
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than the reinforced concrete sections and it is not appropriate to apply reinforced concrete
models directly for RCFT members (Zhang and Shahrooz, 1997).

The effect of confinement on the concrete core primarily depends on the lateral
pressure (o, ) provided by the transverse reinforcement. Several formulations have been
proposed in the literature to calculate o, as summarized in Table 3-1 for both reinforced-
concrete (RC) and RCFT cross-sections.

Table 3-1 Summary of Concrete Lateral Confinement Models (SI units)

Section Type Model Confining Pressure (o, )
RC Mander et al. (1988) o, =k xpxf,
Saatcioglu and Razvi
(1992)
RC Cusson and Paultre (1993) o, =k, xpxf,
RCFT Nakahara and Sakino 1 p ¢
O = _X X X —
(1998) T AL
(f.)l.46
c 1\ 1.03
G, = 65x Rx 7 +0.12x (/)

RCFT Susantha et al. (2001)
R=2x 12><(1—1)) / 5
t 4x 7

In all of the equations in Table 3.1, except the ones for RC sections, the lateral

confinement stress is proportional to the volumetric ratio () and yield strength ( f, ) of

the lateral reinforcement. The parameter k, represents the effectiveness of confinement

and it is developed as a function of the lay-out of the reinforcement. The formulations to

calculate k, exhibit a variation among the concrete models documented in the literature.

In the case of RCFT members, the parameters of g and f can be considered as

equivalent to the depth over thickness ratio ( D/ ¢ ) and yield strength of the steel tube
(f, ), respectively. The parameter k, of the RCFT members can be considered as unity
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since the configuration of the steel tube at the perimeter of the concrete core remains

constant. In Table 3.1, only the equation proposed by Susanta et al. (2001) takes into
account the effect of compressive strength of concrete ( £, ) on the lateral confinement

pressure. This approach is valid since the passive confinement observed in RCFT
members is triggered by the expansion of the concrete core and the amount of expansion
depends on the strength of the concrete core. In the Equations of Table 3.1 defined for

RCEFT sections, the confinement pressure is calculated as a function of /. This implies

that the lateral reinforcement is assumed to yield at the maximum strength of the concrete
core. Prior to reaching its maximum strength, normal strength concrete can develop
strain levels allowing the steel tube to yield. On the other hand, it is possible that high
strength concrete, due to its brittle nature, may not generate strain levels for the steel tube
to start yielding. However, Cusson and Paultre (1995) and Claeson (1999) report that if
the column section is well confined, even for high strength concrete, the transverse
reinforcement reaches its yield strain at the compressive strength of the confined
concrete. As RCFT members can be considered as well confined sections, the yield
strength of the tube steel can be used as a parameter while quantifying the confinement
pressure assuming yielding initiated before the concrete core attained its peak strength.
Tort and Hajjar (2003) also found that yielding of the steel tube for RCFT members
commonly takes place prior to reaching the peak load level, which often corresponds to a
load level before crushing of the concrete core takes place. The confinement in RCFT
members mainly influences the strain softening region of the concrete core. Therefore, in

this region of the concrete constitutive model, the effects of the parameters D/ ¢, f, and

f"'. should be accounted for.

c

In many well developed confined concrete models in the literature (e.g., Park et
al. 1972; Saatcioglu and Razvi, 1990), the stress-strain curve of confined concrete is
made up of three sections including an ascending part up to the peak stress, a descending
region and a constant stress region. It is possible to see a similar type of load-

deformation response in axial load tests of RCFT columns, which can often be attributed

97



to the response of concrete core, especially for members with compact steel tubes
experiencing no local buckling (Schneider, 1998; Nakahara et al., 1998; Varma 2000).
As described above, the proposed stress-strain curve for monotonic response has

the shape and parameters given in Figure 3.1. The key parameters of the stress-strain
curve given in Figure 3.1 are the compressive strength of concrete ( £, ), strain at peak
strength (¢, ), slope of the descending region ( K, ), and the stress level at the constant
stress region ( f,.). In addition, the elastic modulus of concrete ( £, ) is also required in

order to construct the stress-strain curve.

Furlong (1967) reported that the tube steel and the concrete core resisted the
applied loading independent of from each other, without any significant interaction, until
the peak load. This shows that the concrete core confined in RCFTs behaves as plain
concrete until its peak strength. Inai and Sakino (1996) also noted this behavior and
treated the confined concrete as plain concrete until its peak strength is reached.
Therefore, the ascending part of the proposed stress-strain diagram should represent the
behavior of plain concrete, with microcracking leading to a gradual reduction of modulus
until the peak stress is attained. A linear strength degradation response is assumed to take
place following the attainment of the peak concrete strength. The effect of confinement
displays itself in the form of enhancement in ductility providing a milder strength
degradation slope. In the tests of concrete filled tube stub columns, it is observed that a
residual strength is always preserved even after failure, and this behavior of RCFTs is

simulated in the stress-strain behavior of concrete by £, (Nakahara et al., 1998).

Gourley and Hajjar (1994) adopted the model by Collins and Mitchell (1990) for
RCFT beam-column members and obtained good correlations with the experiments. The
concrete model by Collins and Mitchell (1990) was compared with that of Chang and
Mander (1994) and no significant deviation was obtained between the results in the pre-
peak response. The formulation of the concrete model recommended by Chang and

Mander (1994) is presented in Equations 3.1 through 3.5.
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[3.1a]

[3.1b]

[3.1¢]

[3.1d]

[3.2]

[3.3]

The first parameter in defining the post-peak response of the concrete is the slope

of the descending branch ( K, ) shown in Figure 3.1. The equation defining the

descending slope of concrete was derived from the computational work based on axially
loaded stub column tests by Varma (2000). In addition, the results from axially loaded
RCFT tests by Sakino and Yuping (1994) were utilized. Varma (2000) developed 3D

finite element models of RCFT columns accounting for the interaction between steel tube
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and concrete core. The finite element models estimated the experimental load-
deformation response of the axially loaded column specimens with adequate accuracy.
The finite element analysis results provided the data for the stress-strain response of the
concrete core inside the steel tube. On the other hand, Sakino and Yuping (1994)
reported experimentally obtained stress-strain data of concrete core from their
experimental tests on RCFT columns. Table 3-2 summarizes the material and geometric
properties of the specimens which provide the stress-strain data of concrete core.

Varma et al. (2000) investigated specimens all having 110 MPa concrete strength.
Sakino and Yuping (1994) provided the test data of three groups of specimens having

low, medium and high strength concrete with average /. values of 24 MPa, 44 MPa, and

65 MPa, respectively. Therefore, the specimens from Varma et al. (2000) and Sakino and
Yuping (1994) can be examined in a total number of four different groups based on the

concrete strength. Within each group, the softening slope of the concrete core ( K, ) was

D |f £ : L
correlated to the parameter R = —x E—} X e using linear regression as summarized in .
t
s ¥y

5o L

The parameter R = b x .|— x == was adopted from Susanta et al. (2001), where
t
s ¥y

D |/

= represents the slenderness of the steel tube and S« is related to the effect of

s y

concrete strength in the confinement pressure.

According to Figure 3.2, for all concrete ranges, K, increases when R gets larger.
It is also evident from Figure 3.2 that the slope of the linear curves relating R to K gets

larger as concrete strength increases. Therefore, if all the data presented in Figure 3.2 is

C K. .
plotted on the same graph after normalizing K, by f, , a linear trend of — with respect

to R can be obtained as shown in Figure 3.3. A linear curve fit is performed to the data

available in Figure 3.3 and Equation 3.4 is obtained to estimate K with an R* of 0.73.

K, =33275x Rx f. - 9.60x f, [3.4]
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As it is presented in the stress-strain curve of Figure 3.1, the concrete exhibits a

constant stress region at very high strain levels due to the high level of confinement in

RCFTs. The residual strength of the concrete core ( f,.) is also determined using the

computational results by Varma (2000) and experimental results by Sakino and Yuping

(1994). The available data for f,, is shown in Figure 3.4. It was found that f, exhibits

a decreasing trend for large values of R. A non-linear regression was performed and

Equation 3.5 was derived to estimate f,_ with an R” of 0.68.

/

= =0.32x R

'
c

Table 3-2 Summary of Specimens for Concrete Stress-Strain Data'

[3.5]

Reference | Type of | Specimen D t Dyt 1. 5 E;
Data ID (mm) | (mm) (MPa) | (MPa) (MPa)
= SC32-80 | 305 | 8.89 343 | 1100 | 560.0 | 197000
g S g SC48-80 | 305 | 6.10 50.0 | 1100 | 660.0 | 194000
E S ;a SC32-46 | 305 | 864 | 353 | 1100 | 257.0 | 197000
S SC48-46 | 305 | 584 | 522 | 1100 | 473.0 | 204000
na 175 | 5.65 31.0 252 | 3885 | 200000
na 175 | 292 60.0 249 | 3159 | 200000
o~ na 175 | 230 | 76.1 255 | 251.1 | 200000
% na 175 1.64 | 1067 | 209 | 331.6 | 200000
\g/ - na 175 | 5.65 31.0 429 | 3885 | 200000
= g na 175 | 292 59.9 483 | 3159 | 200000
; g na 175 | 230 | 761 | 43.6 | 251.1 | 200000
S & na 175 | 1.64 | 1067 | 407 | 331.6 | 200000
= na 175 | 5.65 31.0 68.1 | 388.5 | 200000
fxc,g‘ na 175 | 292 59.9 66.7 | 3159 | 200000
na 175 | 230 | 76.1 66.7 | 251.1 | 200000
na 175 1.64 | 1067 | 59.8 | 331.6 | 200000

3.3. Monotonic Tensile Response

! E, was not reported in the tests by Sakino and Yuping (1994), it was assumed as 200000 MPa
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When subjected to tensile loads, concrete undergoes approximately a linear elastic
response up to a stress level of about 80% of its peak tensile strength (Yankelevsky and
Reinhardt, 1989). The initial elastic modulus often attains comparable values to that in
compression. Following the attainment of the peak tensile strength, concrete experiences
an abrupt strength degradation response. This is mainly attributed to the increase of
microcracks between the ingredients of the concrete media. The failure state is assumed

to be reached when the stress level drops to zero indicating the fully opening of a crack.

1000 6000
y = 4123.09x - 288.38 . y = 11010.64x - 1723.97
750 R?=0.89 R2=0.74
= . 4000 -
S < o fc = 44 MPa
500 -
S S
vy A& 2000 | d
250 -
+ fc =24 MPa
0 : : 0 2 ‘
0 0.1 0.2 0.3 0 0.2 0.4 0.6
R R
8000 12000
y = 8999.96x - 389.55
6000 - R*=089 9000 { | *f'¢ =110 MPa
§ 4000 ~ 5 6000 )
< 2
% Mb
2000 1 : * f'c = 65 MPa 3000 - y = 27269.43x - 3714.58
R%*=0.98
O T T T O : :
0 0.25 0.5 0.75 1 0 0.2 04 06
R R

Figure 3.2 Correlation of K, to R

In many computational models simulating the response of RCFT members, the
tensile response of concrete is commonly neglected (Susantha et al., 2002, Varma et al.,
2002). However, modeling the tensile response of concrete improves the accuracy of the
nonlinear finite element models of RCFT members (Gourley and Hajjar, 1994). Cracking
of concrete affects the distribution of stresses across the RCFT cross-section and it might
influence the magnitude of deflections. The shape of the stress-strain response of

concrete in tension possesses similarities to that of plain concrete in concrete. An
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ascending region until the peak tensile strength is followed by a strength degradation
region. However, under tensile loads the degree of nonlinearity of the ascending branch
is smaller than the nonlinearity in compression. In addition, concrete experiences a more
abrupt strength degradation under tensile stresses compared to the strength degradation

under compressive stresses.

Due to the difficulty in testing methods to capture the unstable post-peak
response in tension, tensile stress-strain models for concrete are less common than
compression stress-strain models. In addition, most available models depend on
parameters related to the testing methods or on parameters such as crack width that cause
the concrete model to be impractical for a general purpose finite element program.
Chang and Mander (1994) recommended using the equation by Tsai (1988) to simulate

the tensile response of concrete as given below:

nxx

O-t:»ft'X r
1+(n— rjxer a
r-1 r-1

[3.6]

where: f, — tensile strength of concrete

_Etxf'c
J.

&
X=—,n
gt

E, — elastic modulus of concrete in tension
&,— tensile strain value at peak stress

r — parameter to control the shape of the descending branch
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Figure 3.3 Correlation of K, / f, to R
Equation 3.8 was compared to the specimens tested by Gopalaratham and Shah

(1986). The experimental and computational stress-strain curves were found to exhibit

good correlation when » = 4.0, as can be seen in Figure 3.5.

1.2

* Varma et al. (2000)
= Sakino and Sun (1994)

0.1

0.2 0.3 0.4 0.5

R

Figure 3.4 Correlation of f,_ to R/ f,
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Figure 3.5 Calibration of » with Respect to the Experiments
In their direct tension tests on plain concrete specimens, Gopalaratham and Shah
(1986) observed that the elastic modulus of concrete in tension can be taken as equal to
its monotonic counterpart. In addition, the same researchers derived Equation 3.7 to

estimate tensile strength of concrete.

£ = 054x[f]

Examining the experimental data by Gopalatharam and Shah (1985) on the tensile strain

(MPa) [3.7]

of concrete at peak stress ( &, ), Equation 3.8 was derived to calculate &, as a function of

f',and E, .
fi

=123
g, X

t

[3.8]

3.4. Cyclic Response of Concrete
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The cyclic response concrete is investigated in numerous research studies in the
literature based on theory of elasticity, theory of plasticity, plastic fracturing, and
endochronic theory of plasticity (Chen and Buyukozturk, 1985; Yankelevsky and
Reinhardt, 1987). Although these models are quite powerful, their high complexity leads
to more simplified models having polynomial family of curves defining the cyclic
behavior of concrete (Sinha et al., 1964; Karsan and Jirsa, 1969; Yankelevsky and
Reinhardt, 1987; Chang and Mander, 1994; Palermo and Vecchio, 2003).

The simplified models are commonly derived from uniaxially loaded compression
tests performed on short plain concrete columns or cylinders (Sinha et al., 1964; Karsan
and Jirsa, 1969). The experimental results show that the cyclic stress-strain relation
possesses an envelope curve bounding the unloading and reloading curves. This
envelope curve can be approximately represented with the stress-strain curve obtained
from monotonic tests. The unloading branch of concrete usually follows a concave
nonlinear curve which has a high stiffness at the beginning and becomes flattened as the
stress level decreases. The reloading branch exhibits a more complicated shape which is
close to a double curvature character. However, it is commonly estimated through a
family of linear curves (Sinha et al., 1964; Palermo and Vecchio, 2003). Both unloading
and reloading curves become more flattened as cyclic loading progresses due to gradual
stiffness degradation in the concrete from repeated cycles of concrete crushing. The
intersections of the reloading and unloading curves are designated as “‘common points”.
The common points are considered as the stability limits and stresses above these points
cause additional strains. This is attributed to a drastic increase in microcracking after the
common points are reached. On the other hand, the stresses at or below the common

points put the stress-strain response into a closed loop.

The cyclic behavior of concrete in tension was also studied by several researchers
(e.g., Gopalaratham and Shah, 1985; Yankelevsky and Reinhardt, 1989; Palermo and
Vecchio, 2003). The cyclic stress-strain relation in tension also possesses an envelope

curve and it approximately coincides with the stress-strain curve obtained from
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monotonic tests. It is commonly observed that the loading and reloading curves in

tension and in compression exhibit similar characteristics.

Behavior of concrete under random load histories is critical in nonlinear finite
element analysis of RCFT structures. The chosen cyclic concrete model should be
appropriate to simulate the experimental behavior of RCFT members. Gourley and
Hajjar (1994) identified the following characteristics in the load-deformation response of

RCFTs that can be attributed to the cyclic response of concrete.

- A decrease in the size of elastic zone (in stress-resultant-space) is evident in
the tests, which is mainly caused by concrete crushing and local buckling of

the steel tube.

- As cyclic loading progresses, strength degradation takes place due to concrete

crushing and local buckling of the steel tube.
- RCFT members also exhibit a gradual reduction in stiffness at the later

stages of cyclic loading, partly attributed to the damage accumulated in

concrete.

Chang and Mander (1994) developed a concrete model that was shown to be
accurate for both confined and unconfined concrete. Based on the experimental test
results identified by Gourley and Hajjar (1994), this model is also considered to be

appropriate to be used for RCFT members and therefore, it is implemented in this study.

The model by Chang and Mander (1994) consists of three components designated as
envelope curves, connecting curves, and transition curves. Envelope curves are assumed
as the backbones of the hysteretic response. Figure 3.6 illustrates the envelope curves
derived in the previous section for tension and compression. Connecting curves represent
the loading and unloading branches between the envelope curves. Transition curves
provide the rule to shift from one connecting curve to the other going in the opposite
direction. Chang and Mander (1994) proposed a single polynomial equation to represent

both connecting and transition curves. If (&, ;) and (&,, o, ) are the strain values of

the initial and final points of connecting or transition curves, the polynomial equation
107



defining the curve between these points is given in Equation 3.9. The derivative of
Equation 3.9 produces the polynomial representation of its tangent, which can be found

in Equation 3.10.

o (&)= o+ (6- q)x[E[+A‘€—€i‘R] 3.9]
E (&)= 0'(¢)= E,+ AR+ |e- 5" [3.10]
Ef - Esec
where: R = —
Esec - Ei
ESCC B El
A= i
“9/‘ &

E, —tangentat (&, 0;)
E, —tangentat(&,,0,)

E . slope of secant line between (¢&,,0,) and (x,,y,)

— Compression

— Tension

O
I I T U I T
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Figure 3.6 Envelope Curves of the Concrete Model
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The graphical representation of the connecting and transition curves is presented
in Figure 3.7. The accuracy of these curves is determined by the variables defining the
coordinates and slopes at the two ends, which are often defined based on empirical
equations developed by Chang and Mander (1994). The experimental tests on moderate
strength concrete specimens with compressive strengths ranging from 20 MPa to 40 MPa
were utilized while defining the end points of the connecting and transitions curves.
However, Chang and Mander (1994) performed verification studies of the proposed
equations for confined concrete specimens with compressive strengths up to 80 MPa.
The empirical equations will be presented as needed while describing the cyclic rules
followed by concrete. It should be noted the main assumption in developing the
connecting and transition curves is that they are in single curvature. This statement

forces the expression given in Equations 3.13 and 3.14 to hold as shown below:
0,<0,<0; [3.13]

(£, > ELA(E, < E..) 3.14]
3.4.1. State Determination Algorithm of the Concrete Fibers

The state determination of the material fibers is often performed during force
recovery phase of fiber-based nonlinear finite element solution algorithms, where the
stress and stiffness of the material fibers are integrated to obtain internal forces and
stiffness matrices of the elements. In Updated-Lagrangian fiber-based finite element
formulations including displacement-based, force-based, and mix types, incremental
strains of concrete fibers (, &) defined with respect to the last converged configuration

C1) are added to the total strain in the last converged configuration (' &) to obtain the
g g

total strain (&) in the current configuration (C2) defined with respect to C1. The

equation illustrating the procedure to calculate ;& is given below.

le='et & [3.15]
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Figure 3.7 Connecting and Transition Curves of the Concrete Model
The previous strain and stress history of a material fiber is monitored through
state variables, which are specific to the concrete model being used. The state variables
range from stress, strain, and stiffness quantities to integer flags designating significant
events experienced by the material fiber (e.g., change in direction of loading, cracking

etc.). Updating the states variables is performed based on > ¢ only if it is determined that

the Newton-Raphson solution step of the nonlinear solution algorithm is in a converged

state.

A total of 13 rules were defined to describe the cyclic response of a concrete
material fiber adopting the study by Chang and Mander (1994). Each rule states the
relation between stress and strain throughout the loading history. In this study, the
existing rules were fully implemented and then new rules, identified in the sections
below, were developed in order to increase the breadth of the model under complicated

cyclic loadings generated during nonlinear time history analysis.

In the algorithm developed to trace the cyclic stress-strain response of concrete,

the state of the material fibers are decided based on the variables defined below:

'R, —rule in C1 configuration

'R, - cyclic rule attained before 'R, initiated

'&— strain in C1 configuration
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?¢- strain in C2 configuration with respect to C1 configuration

Rule 1

Rule 1 represents the state of the material fiber on the envelope curve defined in the
compression region (see Figure 3.6, Equation 3.1 — 3.5). If no reversal exists in the
strain history, the loading is compressive and the concrete fiber will retain Rule 1.

Following a strain reversal, Rule 1 is recovered if the concrete fiber undergoes a
compressive strain level (7 &) beyond the final strain level of the connecting curves
that are under the reloading state. The final strain levels of the connecting curves are
designated as '¢,_and'e’, for full reloading and partial reloading, respectively. Full

reloading and partial reloading connecting curves are described in Figure 3.8 for a
sample loading history of a generic material. As it will be described in the following
sections, unloading, full reloading, and partial reloading curves correspond to
different cyclic rules depending on the past strain history. Figure 3.9 illustrates the
possible strain histories to attain Rule 1. For example, Rule 1 can be reached
following full reloading that can be defined by Rule 5, Rule 7, Rule 10, or Rule 13. It
is also possible to reach Rule 1 through maintaining compressive loading after partial
reloadings defined by Rule 5 and Rule 7. It should be noted whether concrete
experiences full reloading by Rule 5, Rule 7, Rule 10, and Rule 13 or partial
reloading by Rule 5 and 7, Rule 1 is connected to the aforementioned rules through

second branch of Rule 7 introduced below.

Rule 2

The envelope curve of concrete in tension, which is presented in Equation 3.6, is
defined as Rule 2. Rule 2 is maintained unless there is no reversal in a tensile loading
history. In the case of a load reversal, Rule 2 can be recovered only if the current

strain level breaches the final strain values of the reloading curves, which are defined

as 'g and's’" for the full reloading and partial reloading curves, respectively. The

possible strain histories for which Rule 2 can be attained are illustrated in Figure 3.10.

The stress-strain rules that can be experienced prior to undergoing Rule 2 consist of
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reloading curves of Rule 9, Rule 8, and Rule 6. The connection between the

reloading curves and Rule 2 is always defined by the second branch of Rule 8. The

details of the aforementioned reloading curves can be found in the following sections.

O a
/ : e
. (‘e;.'op)
—— Loadine . Full reloading
— Unloading Partial reloading

Figure 3.8 Loading, Reloading, and Unloading Curves of the Concrete Model

Tension
e partial v
reloading (<3 )full
24 pranch ) reloading

Compression
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o

Figure 3.9 Determination of Rule 1 in the Concrete Model

112



Tension
full reloading
© P (')
A (,‘ (lg:F+ ’IO_;;Jr)
Compression ®)
partial reloading
2" branch
of (8)
Rule 2
o

Figure 3.10 Determination of Rule 2 in the Concrete Model
Rule 3
Unloading from the compression envelope curve is simulated through the connecting
curve defined as Rule 3. Initiation of this branch of the concrete model is detected by
tracing the sign of, & , where a positive strain increment is experienced following a

prior strain history of Rule 1 (R =1). In Rule 3, the strain-stress relation is

determined using Equation 3.9 and 3.10 with initial and final points of ('¢, ., 'c, ., )

and (15;1 , 0), respectively. The empirical relation to calculate lg;, can be seen in

Equation 3.15. The experimental results showed that Rule 3 starts with a high tangent

value, which is taken as equal to £, (see Equation 3.2). The final point is attained
with a mild slope of IE;, calculated using Equation 3.16 given below. The graphical

representation of Rule 3 under various strain histories can be found in Figure 3.11.

1 -
- _ 1 _- O-unld
1= g 10—

& unld ~ T -
sec

D

[3.15a]

(see Figure 3.2 for 'E_,)
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1 -
o
—— 1 0.57
E xe¢,
Bl = E x| [3.15b]
gunld
—+0.57
(see Equation 3.2 for E_, Equation 3.8 for ¢,)
1 -
1 - gunld
E, =0lxE_ x exp[— 2x E—D [3.16]

(see Equation 3.3 for ¢,)

Rule 9
Rule 9 is the connecting curve defining the cyclic response towards the positive
envelope curve following a full unloading from the negative envelope curve as

described in Rule 3. The stress-strain response in Rule 9 is monitored using

Equations 3.9 and 3.10, where the initial and final points are taken as (1g;l , 0) and

(‘e .., oo, respectively. The tangent of the curve defining Rule 9 starts with a

+
new

value of 'E ,, and attains 'E*  on the positive envelope curve. The empirical

equations to calculate 'c, and 'E, are given in Equations 3.17 and 3.18,

ew

respectively.
ot = 085x'o" [3.17]
new unld
1+ 1O-;ew
Enew =1 4 1 _+ [3183]
gunld_ gpl
1 o+
+ + fun
lgpl: lgunld - 1E+1d [3.18b]
lo_+
] 40.67
_— E._x¢g
Esec = Ec X 1+ 1 [3180]
gunld )
+0.67
&
where:

114



'¢ is the offset strain (see Figure 3.12)

The values of '¢,, and 'o;,, in Equations 3.17 and 3.18 are obtained as shown in

un new

Figure 3.13 in the case of a full unloading from the compression envelope. The

graphical representation of Rule 9 can be seen in Figure 3.14.

( g_;é’ 0) ( 8;4,0)

-

partial unloading

T

—— Rule3

full

unloading
/ Compression
1

_ 1 -
( gunld H O-unld )
1 - _
( gunld’ O-unld )

Figure 3.11 Determination of Rule 3 in the Concrete Model
Rule 4
Rule 4 determines the relation between stress and strain following an unloading from
the compression envelope curve. The mathematical expression of Rule 4 is stated as

given in Equation 3.9 and 3.10. The cyclic response of concrete attains Rule 4 if the

sign of | & becomes positive when 'R_is equal to 1. The initial and final points of the

curve defining Rule 4 are ('}, ,'o.,,) and ('&’,, 0), respectively. Rule 4 starts with

pl>

an initial tangent of E_and attains £ at its final point. 'e" and'c’  are obtained

from the strain and stress points of the last converged configuration, respectively,

when the cyclic response shifts to Rule 4. '&?, is calculated using Equation 3.18

pl
while 3.19 given below is utilized to obtain £,. In Figure 3.15, the graphical

representation of Rule 4 is illustrated.
115



E} = < [3.19]
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Figure 3.12 Definition of Offset Strain '&,
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Figure 3.13 Calculation of ¢}, and 'o,,,
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Figure 3.14 Determination of Rule 9 in the Concrete Model

Rule 7

Rule 7 is developed to simulate the reloading response of concrete in compression. It
is defined as a two branch curve. The first branch represents the stress-strain
response with a linear nature before strain values increase significantly due to
microcracking. The second branch, on the other hand, connects the reloading curve
to the compression envelope beyond the stability point, where drastic increases in

strain values initiate. Both branches of Rule 7 are calculated using Equations 3.9 and

3.10. The first branch ranges between (‘¢ , ') and (', , o,,, ) with an initial

— 1 _*

slope of E, and a final slope of E,, . The second branch links ('¢;,,,'c, . ) and

* =

(‘e ,'o,,, ), where its tangent starts with 'E__ "~ and converges to'E, . The first

branch of Rule 7 is detected if 'R is equal to 3 and the sign of , & becomes negative.

The second branch of Rule 7 is traced when *¢ becomes smaller than '¢, , and 'R,

is equal to 3, 10, or 13 (Rule 10, 13 will be described later). The empirical
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* - 1 * = 1 * —

& O

. . * =
expressions to obtain'c, 'E > O s

ew

and 'E" are given below. The

graphical representation of Rule 7 along with the state variables can be seen in Figure

3.16.

o
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Figure 3.15 Determination of Rule 4 in the Concrete Model
lgm e
1O-;zk<r:'v*17: 1O-u_nlt/l' - AO-_ X 1 "_’"ld 1 - [3203]
gunld_ gpl
[3.20b]
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* - O, - r
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gunld_ g
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Ag = Eunid [3.22b]
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Figure 3.16 Determination of Rule 7 in the Concrete Model
Rule 8

Rule 8 represents the stress-strain relation of a reloading type response following a

partial unloading from the positive envelope curve. There exist two branches

corresponding to the strain ranges before and after the attainment of'¢; . The first

1 *  +
new )7

branch is valid for the stress-strain points between ('&’,'c’ ) and (‘g ,

*  +

where the initial and final tangents are £ and'E’ ", respectively. The second

*  + 1 * +

branch defines the stress-strain relation beyond ('&,,,,'c., Jupto (‘e.”,'c

new )’

119



where the tangent of the curve starts with 'E" * and converges to'E". The

.. . - P * + + + .
empirical expressions to calculate'c,,,~, 'E ‘e ",'o. ,and 'E. " are given

ew 2 new % re 2 re 2

below. Rule 8 is illustrated graphically in Figure 3.17.

(L + lg;zld_lg:
O_new - O_unld _AG X 1 .+ 1+ [3253]
gun/d_ gpl
Aot = 015", [3.25b]
1 __* + 1 __+
lp* + O-new B O-r
Enew = 1 .+ 1 _+ [326]
gunld_ gr
lg+ _ 1g+
e, = e+ AeT X T [3.27a]
gunld_ gpl
Aet =025¢"'g! [3.27b]
'c" = 0,('.") (Equation 3.6) [3.28]
'E," = E,('s,") (Equation 3.6) [3.29]
Rule 5

Unloading from the second branch of Rule 7 is simulated by Rule 5. This feature was
not addressed in the original model by Chang and Mander (1994). Rule 5 is
introduced in this study to improve the comprehensiveness of the model under
complicated cyclic loadings. It was assumed that the curve defining Rule 5 can be
obtained using Equations 3.9 and 3.10 where the stress-strain points at the initial and
end points are ('¢,,,, 'o,,,)and ('&,,, 0). The tangent of the curve starts with £,

'e. ,and 'c, . are assumed to be the strain and stress values

and converges to £ ;.
at the last converged step, respectively when 'R_is equal to 7 and the sign of , &
becomes positive. 16‘;1 and'E ,, can be calculated using Equations 3.15 and 3.16,

respectively. The graphical representation of Rule 5 can be found in Figure 3.18.
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Figure 3.17 Determination of Rule 8 in the Concrete Model

The reloading type of connecting curve linking the unloading curve of Rule 5 to the
negative envelope is defined as Rule 5° as shown in Figure 3.19. It is assumed that

Rule 5" simulates the cyclic response of concrete between the stress-strain points of

(‘e ,'o )and ('s,,,,'c.., ). The tangent of the curve representing Rule 5" starts

with E_and convergesto'E’ ~. '¢ and'c. are obtained as the strain and stress
points at the last converged step, respectively when 'R is equal 5 and the sign of | &

becomes positive. 'c,, ~and'E, " are calculated using Equations 3.19 and 3.20.

Rule 6

Rule 6 defines the stress-strain response of concrete in the case of an unloading from
the second branch of Rule 8. It is represented using the expressions in Equations 3.9
and 3.10. The unloading type of response from Rule 8 was not described by Chang

and Mander (1994). However, it is included in the current concrete model for the

sake of comprehensiveness. In Rule 6, the stress-strain points lie between (‘& ,,
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'o,,, )and ('€, 0). The tangent of the curve simulating Rule 6 starts with £,

1 _+

+ 1 __+ :
and convergesto £ ,. ¢, and o,,, are taken as the converged strain and stress

1 .+

points, respectively when 'R, is equal to 8 and the sign of , & becomes negative. &,

and E;; are obtained using Equations 3.18 and 3.19, respectively. Figure 3.20

presents the graphical representation of Rule 6.

€ (Mg, 0)

.
.
.

—— Rule 5

/ Compression

1 .- 1 __-
( gunld’ O-unld)

Figure 3.18 Determination of Rule 5 in the Concrete Model
« Rule6
Rule 6" is devised to simulate any strain reversal that takes place when the stress-
strain response is following Rule 6. The reloading type curve defined for Rule 6" is
expressed using Equations 3.9 and 3.10. The initial and final points of Rule 6 are

1 .+ 1 * o+

takenas (‘¢ ,'c’)and (g}, 'o

new

), respectively. The tangent of the curve

: * * o+
representing Rule 6 ranges from E_to'E. . The values '¢’ and'c’ are

determined from strain and stress values of the last converged step when 'R is equal

to 6 and the sign of | & becomes negative. 'c., ~and 'E. " are determined using

new new

Equations 3.25 and 3.26. Rule 6 is illustrated graphically in Figure 3.21 for a

representative strain history.
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Figure 3.20 Determination of Rule 6 in the Concrete Model
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Figure 3.21 Determination of Rule 6" in the Concrete Model
Rule 10
A full unloading from the positive envelope curve is connected to the negative
envelope curve through Rule 10. Rule 10 is expressed using Equations 3.9 and 3.10

with initial and final points of ( lg;, ,0)and ('g,,,,'o.,,), respectively. Having *&

new

smaller than 16‘;1 when 'R is equal to 4, it is decided that the cyclic response of

concrete attains Rule 10. The tangent of the curve defining Rule 10 starts with

'E ,and reaches £, at its final point. '¢ . is determined from the previous strain

Uu

history when unloading took place from the negative envelope. 13;, ,and 'E , are

obtained from Equations 3.18 and 3.19. ', and E,,, are calculated using Equation

3.30, 31 given below, respectively. Figure 3.22 illustrates the stress-strain curve
simulated by Rule 10 for a representative strain history.

1 -

&
1O-n_ew 1 unld AO_ Ao~ = OO9X O-unld g”nld [330]

c
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E = —ter [3.31]
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Figure 3.22 Determination of Rule 10 in the Concrete Model
Rule 13
Similar to Rule 10, Rule 13 also extends the full unloading in the tension region to the
negative envelope curve in the compression region. However, Rule 13 becomes

active once the tensile strength of concrete vanishes. Therefore, it starts on the strain

axis at point ('&’, 0) and attains ('&, ,,'0.,,). '&

new

is the strain level at the last

converged configuration before Rule 13 initiates with a negative value of | &

following concrete cracking with zero tensile strength. '&_

unl

, 1s obtained from the
previous strain history and Equation 3.30 is used to calculate 'c,,. The tangent of

the curve defining Rule 13 starts with a zero slope and reaches to a level of £, given
in Equation 3.31. Rule 13 is illustrated graphically in Figure 3.23 for a representative

strain history.

Rules 11 and 12
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Rule 11 and 12 are defined to simulate the unloading type of behavior from Rule 9,
Rule 10, and Rule 13. Both rules were developed in this work with two linear
branches where an unloading type of response is followed by a reloading type of

response in the opposite direction. The unloading branch is assumed to take place

with a slope of E_ at point ('&’,'c) in the tension region or at point ('&. ,'c. ) in the

compression region. Then, the reloading branch continues until the points of

('e",'c)and ('¢.,'o.) in the tension and compression regions, respectively. As
presented in Figures 3.24 and 3.25, the points defining Rule 11 and Rule 12 are
obtained by monitoring the previous strain history. Rules 11 and 12 do not exist in
the original model by Chang and Mander (1994). However, similar rules were
developed based on Equations 3.9 and 3.10. In this study, linear approximations are
introduced to derive Rule 11 and 12. This approach helps avoid numerical

difficulties, which require implementation of special finite element techniques such as

subincrementation.

Tension

| o)
Compression

Rule 13

1 - 1 _-
( gunld’ Gnew)

Figure 3.23 Determination of Rule 13 in the Concrete Model
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3.5. Numerical Simulation Examples for Cyclic Concrete
Model

The concrete model by Chang and Mander (1994) was implemented in the current
work and compared to a wide range of experiments for both plain concrete and
confined concrete from the literature. Experiments conducted on concrete cylinders,
cubes, or short concrete columns under uniaxial pure compression were studied. The
computational model was developed in OpenSees through analyzing a short truss
element under a given displacement history. Good correlation was achieved between
the experimental and computational results, as can be seen from the sample of results
from Sinha et al. (1964), Okamoto (1976), Karsan and Jirsa (1984) and Mander et al.
(1984) presented in Figures 3.26 through 3.30. Sinha et al. (1964) conducted tests on
15.2 x 30.5 cm concrete cylinders with a compressive strength of 28 MPa. The
specimen by Karsan and Jirsa (1984) was a rectangular 7.62 x 12.7 cm plain concrete
cube and the compressive strength of the concrete was 28 MPa. Mander et al. (1984)
tested a spirally reinforced-concrete circular column. The specimen had a diameter of

19.7 in and a compressive strength of concrete of 28 MPa.

(l€+ IO_+)
Tension
& Pa
('e’,0)
Rule 11
(‘e ,'oy)
Compression
0

Figure 3.24 Determination of Rule 11 in the Concrete Model
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Figure 3.25 Determination of Rule 12 in the Concrete Model
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Figure 3.26 Comparison of Experimental and Analytical Results for Unconfined
Concrete (Karsan and Jirsa, 1969)
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Figure 3.27 Comparison of Experimental and Analytical Results for Unconfined
Concrete (Sinha et al. 1964)
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Figure 3.28 Comparison of Experimental and Analytical Results for UnConfined
Concrete (Sinha et al. 1964)
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Figure 3.30 Comparison of Experimental and Analytical Results for Confined Concrete

(Mander et al., 1984)
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Chapter 4

4. Uniaxial Cyclic Steel Constitutive Model for
RCFT Members and Steel Girders

4.1. Introduction

Cyclic excursions under earthquake loadings in RCFT beam-columns and steel
girders in composite frames create complex strain histories in steel fibers. Developing a
refined steel constitutive model requires capturing the loading history dependency and
cyclic characteristics observed in the experimental tests. Constitutive relations derived as
explicit functions of stress and strain are commonly utilized in nonlinear analysis of steel
and reinforced concrete structures (Ramberg and Osgood, 1943; Menegotto and Pinto,
1973; Balan et al., 1998). Alternatively, the incremental relation between stress and
strain may be established based on a set of hardening and flow rules (Dafalias and Popov,
1975; Cofie and Krawinkler, 1985; Mizuno et al., 1991; Shen et al., 1995). In these
formulations, the cyclic characteristics of steel are represented by introducing internal
variables and incorporating them with the constitutive relations.

Experimental research studies performed on RCFT members exhibited the
following features that can be attributed to the cyclic response of the steel tube (Gourley
and Hajjar, 1994; Hajjar et al., 1997). The steel constitutive model adopted to simulate
the cyclic load-deformation behavior of RCFT members should be comprehensive
enough to capture these characteristics including.

- Elastic unloading following a load reversal

- Decreasing elastic zone and gradual stiffness reduction as a result of cyclic

loading

- Bauschinger effect causing a reduction in the yield stress when a strain history

in one direction is followed with that in the opposite direction

131



- A bounding stiffness that is attained near the end of the tests due to the

stabilizing action of the steel tube

- Local buckling of the steel tube

Steel fracture is currently neglected in this work, as RCFTs are robust members
that rarely fracture until very late in cyclic loading histories. In the current research
study, the emphasis will be placed on cold-formed steel tube sections. Therefore, the
effects of the cold-forming process given below should also be considered in the steel
model together with the aforementioned features.

- Smooth transition between elastic and plastic response, rather than formation

of a significant yield plateau

- Gradient of the yield stress along the perimeter of the steel tube

Hajjar et al. (1998a, 1998b) developed a multiaxial bounding surface plasticity
model for nonlinear analysis of RCFT members. An inner loading surface was
introduced defining the boundary between elastic and plastic response. The stress state
was assumed to be elastic if it remains inside the loading surface. The bounding surface
enclosed the loading surface and the degree of plasticity attained during the loading
history was expressed as function of the distance between the loading and bounding
surfaces. Auxiliary surfaces were also defined to achieve a better prediction of the plastic
modulus. The surfaces had the property of translation and expansion based on a set of
hardening rules to capture strain hardening response and the Bauschinger effect. The
effect of cold forming was incorporated into the model through assuming an initial plastic
strain. Different magnitudes of initial strain were assumed for the corner and flat regions
of the steel tube. The model by Molodan and Hajjar (1998) was calibrated with respect
to coupon tests and verified against experimental studies ranging from individual RCFT
beam-columns to 3D cruciform frames with RCFT columns and steel girders.

Varma (2000) and Domenech et al. (2002) derived a uniaxial cyclic steel
constitutive models for RCFT members, where stress and strain are related to each other
by defining a family of linear functions. The model had the capability of accounting for
strain hardening, Bauschinger effect, biaxial stress state of the steel tube, and local
buckling. The internal variables describing the compression envelope of the model were

132



obtained through extracting effective stress-strain curves from 3D continuum analysis of
short RCFT columns under monotonic compressive loading. The model is verified with
respect to RCFT beam-column tests under monotonic and cyclic loadings.

The stress-strain model employed in this research study is adopted from the
uniaxial bounding surface model by Mizuno et al. (1991) and Shen et al. (1995). The
envelope curves in tension and compression were modified based on experimental test
results on RCFT members. In addition, new cyclic rules were introduced to account for
the effect of local buckling. In the following sections, the key features of the model are
documented in detail and several verification examples are presented to illustrate the

performance of the model.

4.2. Monotonic Response

RCFT members exhibit a wide range of failure characteristics depending on the
geometric and material properties of the specimens. For example, slender and high
strength RCFT members are often susceptible to flexural buckling without exhibiting
significant local damage states (except under the large deformations that are seen at
incipient buckling). On the other hand, short RCFT members attain their failure state
through experiencing the limit states of yielding of the steel tube, concrete crushing, and
local buckling of steel tube. Therefore, the behavior of short RCFT members provides
detailed insights to the constitutive models to be adopted both for the steel tube and the
concrete core.

Based on the response of short RCFT columns under concentric compressive
loading, the compression envelope of the steel tube is assumed to consist of four distinct
regions. A linear elastic branch is maintained until the proportional limit is breached.
The yielding stress is attained following a smooth nonlinear transition region. The
yielding stress is preserved with a mild hardening slope until the initiation of local
buckling. A linear strength degradation response is assumed once local buckling damage
state is reached. At high strain levels, a constant stress response is attained.

The tension envelop curve is often assumed to be identical to its counterpart in

compression (Balan et al., 1998). However, the linear strength degradation response due
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to local buckling and the following constant stress region are not modeled. Figure 4.1

illustrates the compressive and tensile envelope curves adopted for the cyclic stress-strain

response of the steel tube.
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2
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w o . .
Initiation of . 150
constant stress region ‘
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ST -450
Initiation of '
local buckling Strain

Figure 4.1 Envelope Curves of the Steel Model

The stress-strain response obtained from coupon tests of cold-formed steel
sections exhibits a low proportional limit with no distinct yield plateau and transition
region to hardening. Lu and Kennedy (1994) reported proportional limits at stress levels
as low as 25% of the yield stress determined according to 2% offset rule. On the other
hand, proportional limits more than 90% of the yield stress were reported in the tests by
Karren (1967). Proportional limits on the order of 50% were also reported by Clarke and
Hancock (1991) and Furlong (1968) for both corner and flat regions. This premature
reduction of tangent modulus of steel is attributed to the effect of residual stresses that are
generated as a result of the cold-forming process. Two types of residual stress patterns
exist due to cold forming process including membrane residual stresses and through
thickness residual stresses (Sherman, 1992). Membrane residual stresses exhibit a
gradient around the perimeter of the steel tube and they represent the average values of
through thickness residual stresses in the longitudinal direction around steel tube
perimeter. The magnitude of membrane residual stresses is often small and they can be
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assumed to be zero (Sully and Hancock, 1996). Through thickness residual stresses are
also known as bending residual stresses and vary from tension to compression across the
tube thickness. The magnitude of bending residual stresses can go up to the yield stress
level. Despite their nonlinear nature, the through thickness residual stress gradient is
usually assumed to be linear (Sherman 1992; Davison and Birkemoe, 1983). The
welding residual stresses are observed at the regions close to the seam weld location and
their magnitude can also reach to very high levels. However, due to their localized
nature, it is also common to neglect welding residual stresses (Molodan and Hajjar,
1998). Therefore, in analytical modeling of cold-formed sections, only the through
thickness type residual stresses needs to be accounted for. One approach to simulate the
effect of cold forming is to derive a nonlinear relation to represent the response between
the proportional limit and the yielding point (Davison and Birkemoe, 1983; Yan-Lin,
1992). However, since the stress-strain response until yielding is defined in two
segments, it becomes difficult to adopt this method into a cyclic constitutive model that is
based on a set of hardening rules. Therefore, in this study, following the prior work of

Molodan and Hajjar (1998), an initial plastic strain (&, ) of 0.0006 and 0.0004 are

introduced for the corner and flat regions, respectively. As can be seen in Figure 4.2 and
Figure 4.3, the steel model with the assumed plastic strain levels reproduced the stress-
strain response of experimental coupon tests available in the literature with good
accuracy.

The corner regions of the steel tube are often subjected to more severe residual
stresses due to the higher degree of cold-forming than the flat regions. This results in
variation of the material properties around the perimeter of the steel tube. Table 4.1
illustrates the material properties obtained from the coupon test results available in the

literature. It can be seen that the yield strength ( £, ) and ultimate strength ( f,.) of the
corner regions is consistently larger than those of the flat regions (f,,, f,,). In this
research study, the average values of f, / f -and f,. / f,, from Table 4.1 are assumed as

1.09 and 1.03, respectively, while conducting analysis of RCFT members.
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Figure 4.2 Comparison of Experimental and Computational Coupon Test Results
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Figure 4.3 Comparison of Experimental and Computational Coupon Test Results
(cont’d)

The steel tube of RCFT members are susceptible to local buckling under

compressive loadings. Being in contact with a rigid medium, the local buckling takes

place in the form of cosinal outward buckles due to the restraining action of the concrete

core against the formation of sinusoidal inward buckles (Wright, 1993). This type of

behavior is often considered as a higher mode of buckling and it provides a larger

compressive capacity compared to the bare steel tubes. Examining the past research

studies, a methodology will be established to determine the initiation of local buckling

and to quantify its effect on the stress-strain response as shown in Figure 4.1.

Table 4-1 Variation of Steel Material Properties Due to Cold Forming Process

MPa . (MPa r(MPa . (MPa
Reference fyf((ﬂat) ) ffcérner)) ff((ﬂat) ) f(cgrner))
Clarke and Hancock (1991) 349.0 469.0 414.0 504.0
337.4 390.1 na na
Furlong (1979) 356.5 415.6 na na
408.0 423.2 na na
310.8 342.4 na na
Bridge (1976) 300.8 351.5 na na
312.7 340.3 na na
297.5 331.5 na na
456.0 490.0 490.0 506.0
Lu and Kennedy (1994) 454.0 379.0 474.0 440.0
433.0 405.0 444.0 416.0

The stress levels and slenderness limits of local buckling for rectangular RCFT

members were investigated by several researchers. As will be described below, the
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majority of the studies focused on obtaining the buckling stress either experimentally or
computationally and then deriving a corresponding effective length factor of the steel
tube wall. The effective length factor of plates depends on the aspect ratio and the
boundary conditions (Salmon and Johnson, 1996). If the length of the plate becomes
large compared to its width, the effect of aspect ratio on the effective length factor
diminishes and the effective length can be obtained as 4 if the support conditions are
simply supported and it becomes 6.97 in the case of fixed boundary conditions (Salmon
and Johnson, 1996). Ge and Usami (1991) tested stiffened and unstiffened thin-walled
short RCFT columns under cyclic axial loading. The longitudinal stiffeners placed inside
the steel tubes were found to improve the local buckling strength considerably. The local
buckling stress of the specimens was obtained by subtracting the axial strength of the
concrete core from the experimental maximum axial load of the composite column.
Then, the resulting expression was divided by the cross-sectional area of the steel tube.
The buckling stress levels were compared with the empirical equation proposed by Nakai
et al. (1986), where fixed boundary conditions and a buckling of coefficient (k) of 10.67
was assumed. It was found that the empirical equation produced unconservative results
for some of the specimens indicating that the fixity of the steel tube walls was
overestimated such that a buckling coefficient less than 10.67 needs to be used. Wright
(1993) obtained the limiting D/ ¢ ratios to prevent local buckling based on energy
principles for the steel plates under uniform compression. Buckling shapes were
assumed considering the boundary conditions of a variety of steel sections including bare
steel tubes, RCFTs, steel reinforced columns, and wide flange shapes. The energy
resulting from deformation of the steel plate into the buckled shape was equated to the
energy applied by the external loads. Assuming the buckling stress to be equal to the
yielding stress, the resulting expression was differentiated to obtain the maximum D /¢
corresponding to the given aspect ratio. Uy and Bradford (1996) developed a finite strip
analysis method to calculate the buckling stress of steel plates in contact with a rigid
medium. It was considered as a semi-analytical finite element method, where out-of-
plane deformations of the plate finite element were approximated via a finite number of

harmonic functions while the transverse displacements were interpolated using
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polynomial functions. This approach reduced the computation time compared to the
standard finite element methods. Stating the element equilibrium based on the principle
of virtual displacements and developing the kinematic and constitutive relations, an
eigen-value equation was derived to solve for the buckling shapes and stresses. The
buckling stresses (o, ) were calculated for a range of steel plates with different boundary
conditions and stress gradients. The corresponding buckling coefficients were derived
using the elastic buckling equation of perfect steel plates given below (Galambos, 1998).

i 7 x E,
o = X (1= ') x (D/ 1)

[4.1]

where: £ is the buckling coefficient

v is the Poisson’s ratio (0.3)
In the case of steel plates with clamped boundary conditions and uniform compressive
stress distribution & was obtained as 10.3. Bridge et al. (1995) conducted an
experimental study on short thin-walled bare steel tubes and unbonded RCFT columns
under monotonic compressive loading. For the RCFT columns, the loading was applied
on the steel tube alone. The experimental results indicated that concrete filling increased
the local buckling resistance of the steel tubes. An elastic finite strip analysis was also
performed to identify the buckling stresses and modes of deformation. Assuming
clamped boundary conditions for the edges of the steel tube, a buckling coefficient of
9.99 was found to be appropriate for the steel tube in contact with the concrete core. Uy
(1998) performed an experimental study to examine the local buckling characteristics of
short and thin-walled RCFT columns. Two types of loading schemes were applied to the
specimens such that the axial load was either introduced to the steel tube only or it was
applied to the composite section. The specimens tested by the former loading scheme
exhibited lower elastic local buckling strengths compared to the ones subjected to the
latter loading scheme. In the case of specimens that underwent inelastic buckling, the
stress level at initiation of local buckling was found to be equal to the yielding stress. Uy
(1998) also developed a finite strip analysis method to calculate the buckling stresses
assuming clamped boundary conditions. The computational results exhibited good

comparison with the experimental results. However, based on the discrepancies observed
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for the elastic local buckling, the full fixity condition of the edges of the steel tubes was
found to be slightly breached. Liang and Uy (2000) carried out a computational study to
investigate the post-local buckling response of steel plates with clamped boundary
conditions representing the steel tube walls of short RCFT columns. The steel plate was
modeled with 3D continuum elements. The analysis was conducted over a range of steel
plates with different slenderness, residual stress, and initial imperfections. The steel
plates were found to exhibit lower local buckling stress levels with increasing values of
residual stress and initial imperfections. Upon local buckling significant reserve
strengths were exhibited by the steel plates. In order to take advantage of this post-local

buckling capacity in design, two effective width (b, ) formulas were introduced. The

effective width accounted for the fact that following local buckling, the flexible parts of
the steel tube become ineffective in resisting the load and the stresses are transferred to
the stiffer regions. The effective width represents the stiff regions of the steel tube that
continue to retain stress after local buckling develops. Therefore, the axial load capacity

of the steel ( £, ) can be calculated using Equation 4.1. The axial load capacities obtained

based on the effective width principles for the specimens available in literature exhibited
good correlation with the experimental results. Liang and Uy (2000) suggested an
effective length factor 9.81 for the steel tubes of RCFT columns.

P, =bxtxf, [4.2]

Bradford et al. (2002) investigated the local buckling of the steel tubes of circular CFTs
(CCFT). In contrast to previous research studies adopting finite element or finite strip
methods to examine local buckling, Bradford et al. (2002) employed the Rayleigh-Ritz
method to determine the local buckling stresses and modes shapes. The change in the
total potential of the circular steel plate is derived as the difference between strain
energies and the work done by the applied loading. Minimizing the resulting expression
with respect to the Ritz coefficient, the buckling stress and mode shapes of circular steel
tubes in contact with a rigid media were derived. It was found that the strength of
circular steel tubes when they are in contact with rigid media is 1.73 times larger than

bare circular steel tubes. This factor is approximately 2.67 in the case of RCFTs, which
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shows that the beneficial effect of concrete filling against local buckling is more
pronounced rectangular plates. Bradford et al. (2002) adopted an effective diameter
concept to evaluate the post-local buckling response of CCFTs.

As shown in Figure 4.1, in the current research study, the effect of local buckling
is taken into account by introducing a strength degradation region in the stress-strain
response following its occurrence. The strength degradation initiates once a threshold
value of strain is breached to initiate local buckling. In the case of elastic local buckling,
Equation 4.1 may be used to detect the strain level at the instant of local buckling by
dividing it by the elastic modulus. However, Equation 4.1 requires the assumption of an
effective length factor, which ranges from 9.81 to 10.67 and the use of these effective
length factors was not justified for cold-formed steel tubes. If local buckling takes place
after yielding, the critical stress level is often assumed to be equal to the yielding stress.
Nevertheless, this information does not help to identify the local buckling point since
cold-formed steel tubes exhibit an inelastic response maintaining approximately constant
stress level following yielding. The effective width approach is useful in obtaining the
reserve strength of the steel tube against local buckling. In this approach, assuming a
stress redistribution along the edges, the portion of the steel tube that is active in resisting
the applied loading is calculated. Local buckling is also considered not to create a change
in the stress-strain response of the steel tube. However, the effective width approach is
difficult to adopt in the current research study for two reasons. First, there exist limited
effective width studies on cold-formed steel tubes. Second, in this study, the effect of
local buckling is accounted for by modifying the stress-strain response through
introducing a strength degradation region.

This research study is concerned with determining the strain level at the initiation
of local buckling so that the stress-strain response can be modified to represent the post-
local buckling behavior of the steel tube. It is widely accepted that the stress carried by
the steel tube decreases approximately linearly once the steel tube buckles locally (Tomii
and Sakino, 1979; Gourley and Hajjar, 1994; Varma 2000). There are two possible stress

regions for the steel tube to experience local buckling. It can buckle elastically before
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reaching the yield limit or inelastic buckling might take place after the steel tube
undergoes plastic strains.

Figure 4.4 illustrates the trend of the ratio of local buckling strain (&) to yield

strain (g,) with respect to the parameter D/¢,/f, / E, . The trend in the data shows that

&y | €, decreases for large values of D/¢,/ f, / E and Equation 4.3 is proposed to

calculate &,, /&, with an R’ of 0.61. The data presented in Figure 4.4 is obtained from

the monotonically loaded column tests available in the literature (Tomii and Sakino,

1979; Schneider, 1998; Varma 2000).
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Figure 4.4 Correlation of ¢, / £, with respectto D/t./f, / E,

The parameters required to define the stress-strain relation of steel tube after local

buckling are determined to be the softening slope ( K| ) and the residual strength ( )

(see Figure 4.1). Both of these parameters were obtained using a similar approach based
the response of short RCFT columns available in the literature tested under monotonic

axial load. Multiple specimens were selected based on material and geometric properties

of f,, f.,and D/t . It was ensured that the selected specimens will cover a wide

spectrum for the aforementioned parameters. Table 4-2 gives a summary of the material

and geometric properties of the specimens.
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Table 4-2 Specimens Selected for Calibration of the Compressive Steel Model

Specimen / y S D/t f, (MPa) S'. MPa) | D¢
SC48-46 H? H H 471.0 110.6 52.3
CR8-C-9 H H L3 824.0 91.1 27.3
CR4-3-10 L H H 310.0 119.0 63.1
CR6-D-2 H L H 618.0 25.4 50.2
CR8-C-4-3 H L L 824.0 39.1 27.3
3 L H L 327.0 96.0 15.0
CR4-D-2 L L H 262.0 25.4 73.7
S4 L L L 312.0 23.8 22.3

The specimens presented in Table 4-2 all exhibited a clear region of

approximately constant residual axial strength ( P, ) toward the end of the test, after

res

significant softening following local buckling and concrete crushing. Utilizing the

concrete model, for each specimen, the residual axial stress ( f,.) was calculated. Then,

these computationally obtained stress values were multiplied by the areas of the concrete

core ( A4,) to calculate the corresponding residual strengths ( P, ). The residual strengths

res

of the steel tube ( P, ) were obtained by subtracting P, from P, . Then, the residual

cres

axial stress of the steel tube ( f, ) can be calculated as given Equation 4.4 through

dividing P, (P, = P

sres sres res

- P,..) by the area of the steel tube ( 4,). Since no significant

strain hardening is observed for cold-formed members, the residual axial stress was not

allowed to exceed the yield strength of the steel tube.
er = (R"@S - Pcres) / AS S fy [4'4]
According to Table 4-1, the next parameter to define the stress-strain response of the steel

tube in compression was the slope of the linear strength degradation response (Ks) and it
was determined by calibrating the computational load-deflection curves of the specimens
to their experimental response. The computational load-deflection curve was obtained

through superimposing the steel and concrete models and K was varied until the error

2 H stands for high
3 L stand for low
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between P_and P

axial load values was minimized as shown in Figure 4,5 and
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Figure 4.5 Calibration of K with Respect to Axially Loaded Column Tests
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Figure 4.6 Calibration of K with Respect to Axially Loaded Column Tests (cont’d)

After the calibration process was completed, Equations 4.6 and 4.7 were derived

to estimate K and f, values, respectively. Both K and f, were related to the

parameter D/¢./ f, / E . It was found that for large values ofD/tny /E_ ,the
specimens are affected from local buckling and concrete crushing more severely causing
K. toincrease and f, to decrease. The comparisons of Equation 4.6 and Equation 4.7
with the experiments are illustrated in Figure 4.7 and Figure 4.8, respectively. For both

of the equations, good correlation was attained with the experimental results.

K, =0,(D/0)x(f, /E,)< 008

[4.6]
K, = 64430439 x (D /1) x f, / E,) - 5154435, (D/ 1) x (£, / E.) 2 0.08
50000
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40000 - = Computational .
2 30000 -
[a B} o
=
4 20000 - p
10000 | p
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0 - - T * T
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(DY) x (fy/Es)

Figure 4.7 Comparison of Experimental and Computational Results for K
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&(%) =100,(D/1) x (fy /ES) < 0.08

I

p [4.7]
0= 73113 (D/0)x(f, | E,)+ 15855,(D/0)x (£, / E,) 2 0.08
y
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Figure 4.8 Comparison of Experimental and Computational Results for f;,

The accuracy of the steel and concrete constitutive model parameters derived in Chapter
3 and Chapter 4 were tested for axially-loaded RCFT specimens from the literature. The
load-deformation response of the specimens was obtained by calculating the stress values
of the steel tube and the concrete core based on a given strain history. Then, these stress
values were converted into axial forces by multiplying them with the corresponding
cross-sectional areas. A total number 10 specimens were selected from the experimental
database by Tort and Hajjar (2003). The material and geometric properties of the
specimens are summarized in Table 4-3. Figure 4.9 and Figure 4.10 illustrate the
comparison of computational and experimental load-deformation results of the specimens
in Table 4-3. A good correlation is evident for all parts of a typical load-deformation
response including initial stiffness, peak axial load, strength degradation slope, and the

residual axial strength.
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Table 4-3 Specimens Selected for Verification of the Compressive Steel and Concrete

Model
Specimen f,(MPa) | f.(MPa) D (mm) B (mm) t (mm) L (mm)
CRS8-A-9 825.0 91.1 180.0 180.0 9.45 540
CR4-D-8 262.0 80.3 324.0 324.0 4.38 972
CR4-D-4 262.0 41.1 324.0 324.0 4.38 972
CR4-C-4-1 262.0 41.1 215.0 215.0 4.38 645
CRS8-A-8 835.0 77.0 119.0 119.0 6.47 357
R2 383.0 26.0 152.8 76.5 4.47 635
R3 413.0 26.0 152.4 101.8 4.32 635
S3 322.0 23.8 127.0 127.0 4.55 635
ITA 339.4 21.4 100.0 100.0 2.20 300
IIA 288.4 20.6 100.0 100.0 2.99 300
- = CR4-D-4
é 6000 1 £ 4000 4 Nakahara and Sakino (1998)
S 3
£ 4000 CR8-A-9 s
= Nakahara and Sakino (1998) =
= £ 20007 Experimental
"% 2000 - Experimental <>c< P .
< . — Computational
— Computational 0
0 T T T T T T T
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Axial Strain Axial Strain
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8 6000 - 3
5 5
= 4000 =
E £ 1000 :
Z 2000 Experimental < Experimental
— Computational — Computational
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Figure 4.9 Verification of Steel and Concrete Models
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Figure 4.10 Verification of Steel and Concrete Models (cont’d)

4.3. Cyclic Response

The cyclic inelastic response of the steel tube was simulated based on the uniaxial
bounding surface model proposed by Mizuno et al. (1991). The stress-strain response
was formulated in an incremental form. This approach allowed accurate representation
of the observed cyclic phenomena in the experiments since the past loading history

dependence is accounted for comprehensively.

The total strain increment (A g, ) obtained during the analysis can be decomposed
into its elastic (A &, ) and plastic (A &,) parts as shown in Equation 4.8.

Ag, =Ag, +Ag, [4.8]
The stress increment (A o) is related to the strain increments as given in Equation 4.9.

Ao=E xAeg,Ao=E,xAg,, A\o=E, xAg, [4.9]
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Utilizing the relations of Equation 4.9 in Equation 4.8, the tangent modulus (£, ) is
expressed in terms of elastic ( £, ) and plastic modulus ( £, ) as follows:

i
E

b

1
all 4.10
Tt E [4.10]

t P
If the stress state is elastic, the tangent modulus is assumed to be equal to the elastic
modulus. Therefore, from Equation 4.10, the plastic modulus is taken as infinity if no
plastic deformation occurs. Following the initiation of plasticity, the evolution of plastic
modulus takes place based on the accumulated plastic strain. A loading surface is
introduced defining the boundary between elastic and plastic response. Once the loading
surface is breached, inelasticity initiates. The radius of loading surface (x ) decreases as
a function of the plastic strain as shown in Equation 4.11. The reduction of the elastic

region can be seen schematically in Figure 4.11.

K
—=a-axexp(-bx g’ x 100)- (a-a-1)x exp(-cx g’ x 100) [4.11]
K

o
where: «, initial loading surface radius
a, b, ¢ material constants

e" effective plastic strain
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Figure 4.11 Reduction of Radius of the Loading Surface
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The bounding surface encloses the attainable stress states. It is assumed to expand as a
function of the plastic strain until the ultimate tensile strength of the material is reached.
The cyclic rule defining the expansion of the bounding surface is given in Equation 4.12.

K= f,+ (- f,)xe™ ) [4.12]
where: x - bounding surface radius

K, - initial bounding surface radius

¢ - material constant

p-&"x05
The degree of inelasticity is determined based on the distance between loading and
bounding surfaces as shown in Figure 4.12. At high levels of inelastic deformation, the
rate of decrease in plastic modulus vanishes and the bounding stiffness is preserved. The

plastic modulus is defined by the following relation.

[4.13]

Ep:Ep0+h><§ s

where: £, is the slope of the bounding surface

o1s the distance between the current stress point and the bounding surface

0,,1s the initial distance between the current stress point and the bounding surface

h=ex o+ fis the shape parameter (e, fare material constants)

=

Bounding surface
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Figure 4.12 Bounding Surface Model of Steel Model

The experimental results exhibit that the slope of the bounding surface does not
remain constant throughout the loading history. Mamaghani et al. (1995) assumed that as
the plastic strain level increases the slope of the bounding surface experiences a reduction

and approaches to zero asymptotically. In Equation 4.14, the slope of the bounding
surface is expressed as a function of the plastic work (7).

E;
E, = s [4.14]
where: E” is the initial slope of the bounding surface
@ is a material constant

W is the plastic work
Auxiliary surfaces were introduced to prevent premature reduction of the plastic modulus
due to the underestimation of the distance between loading and bounding surfaces and
also the auxiliary surfaces remedies the effect of overshooting due to incorrect updating
of the plasticity variables following load reversals without plastic excursions in the
opposite direction. Memory surfaces are assumed to be located symmetrically in the
tension and compression regions passing through the point at which the maximum stress
level is reached throughout the loading history. A virtual bounding surface becomes
active when a stress reversal initiates prior to breaching the memory surface. It is located

by expanding the current bounding surface by an amount of &, , which is obtained as the

distance between the point of stress reversal and the memory surface. Once inelastic
response in the direction of stress reversal is attained, the plastic modulus is obtained
using Equation 4.14 with respect to the virtual bounding surface as described between
points A and B shown in Figure 4.13. Following the breach of the memory surface, the
plastic modulus evolves with respect to the bounding surface. Adopting the concept of
memory and virtual bounding surfaces also provides better predictions for cyclic
ratcheting and the Bauschinger effect.

The material parameters required to develop the steel model are given in Table

4-4 as reported in Mamaghani et al. (1995).
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Table 4-4 Steel Model Material Parameters

Parameter | f, <357 MPa | 357 MPa< f, < 524MPa | f, > 524MPa
X, L5 113 1.06
/s
a -0.505 -0.528 -0.553
b 2.17 1.88 6.47

c 14.4 18.7 34.8
e 500 316 700
f 0.3 0.484 0.361
ES
a 0.191 0.217 0.175
wx f, 3.08 4.0 2.67
E’ 0.00896 0.0101 0.00785
ES
cx & 0.0000989 0.00152 0.00804

Despite the comprehensiveness of the cyclic characteristics accounted for by

Mizuno et al. (1991), as described above, the softening type cyclic response that might

occur in the steel members was not adequately addressed. RCFT members with slender
steel tube sections often have the potential of experiencing local buckling effects. Local
buckling manifests itself as a softening type cyclic response, where the strength attained
by the RCFT member diminishes as the loading progresses. This type of behavior is
typical in the RCFT beam-column tests conducted by subjecting the member into
constant axial load and cyclic shear loading (Sakino and Tomii, 1981; Inai et al., 2004;
Varma et al., 2002). In Section 4.1, a formulation was proposed to determine the instant
of local buckling based on a strain limit. It was assumed that a strength degradation
response with negative stiffness takes place following local buckling. This approach
works well under monotonically applied loading conditions. However, under cyclic
loading schemes, the damage due to local buckling aggregates even if the strain level
attained by the material fibers is not increased. Therefore, the model by Mizuno et al.

(1991) should further be modified so that the cyclic characteristics of the local buckling
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phenomena can be captured.
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Figure 4.13 Memory and Virtual Bounding Surfaces of Steel Model

In the concentrated plasticity model by Hajjar and Gourley (1994), the effect of
local buckling in the RCFT members was simulated by reducing the bounding surface
size based-on the accumulated plastic work. A similar mechanism was also adopted in
the stress-strain space and Equation 4.15 was derived to represent the reduction in the
size of the bounding surface, where the bounding surface radius (x ) was assumed to be a
linear function of the accumulated plastic work (7). In Equation 4.15, the parameter

7..1s introduced as the rate of the bounding surface reduction.
K==y . x W+ 1)xK, [4.15]
The numerical values of y, were determined by studying the cyclic RCFT tests

available in the literature. The selected specimens were modeled utilizing the mixed
finite element formulation introduced in Chapter 2. The analysis of the specimens was
conducted for multiple values of y . until close agreement between experimental and
computational results was achieved. The first specimen to be studied was CIVS3-2 by

Sakino and Tomii (1981). It was modeled with 2 elements per member with 3 integration
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points. The specimen was subjected to a constant axial load and cyclically-applied shear
loading putting the member into double curvature. Figure 4.14 illustrates the
computational results for y_. values of 0.0345, 0.0690 compared to the experimental
data. For specimen CIVS3-2, y . of 0.0345 shows the best correlation. The second
specimen was selected as SR4A4C from the experimental study by Inai et al. (2004).
The analysis of SR4A4C was conducted with the same mesh density of CIVS3-2

for y,, values of 0.0690 and 0.138. As presented in Figure 4.15, it was found that when

7..1s 0.138, the computational results achieves better comparison with the experimental

results.
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Figure 4.14 Calibration of y, with respect to CIVS3-2 (Sakino and Tomii (1981), Tube:
100x100x4.21, f,=295MPa, f,=24MPa, L/ D=6.0, D./t = 24)
The y .. values determined for CIVS3-2 and CIVS3-2 were correlated linearly to

the parameter A4, = (D /) x m , which represents the slenderness of the steel tube
against local buckling. This process yielded Equation 4.16 to estimate y . as a function
of 4, = (D/0)x [f, 1 E, .
7. = 0.0345 A, <092 [4.16a]
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Ve = 0196x 4, - 0.146 092< 4, <145 [4.16b]

V.. = 0138 A, > 145 [4.16c]

Substituting Equation 4.16 into Equation 4.15, the radius of the bounding surface
can be determined during the cyclic loading history. Since x is stated as a decreasing

function of W7, in order to keep x bounded, its value was not allowed to be go below

05% ic, .
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Figure 4.15 Calibration of y, with respect to SR4A4C (Inai et al. (2004), Tube:
210x210x5.80 mm, f, =323 MPa, f.=39.2MPa, L/ D=6.0, D./t = 36)

4.3.1. Verification of the Cyclic Response

In this section the capability of the steel model in predicting the cyclic phenomena
observed during the tests is presented. For this purpose, stress-strain response is
generated under various strain histories including constant stress range, constant strain
range, symmetric increasing strains, and unsymmetric increasing strains.

The stabilization of stress-strain response is evident when the steel fibers are

subjected to a constant range of strain histories as shown in Figure 4.16. This type of
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behavior is attributed to the fact that the bounding and loading surfaces remains constant

since the effective plastic strain does not increase.

0.01 0.02 0.03

o
o
w
A

Stress (MPa)

Strain

Figure 4.16 Steel Model Subjected to Symmetric Constant Strain Cycles

The next cyclic phenomenon to investigate is the cyclic hardening under
increasing symmetric strain cycles as shown in Figure 4.17. The steel model successfully
predicts the mild increase in the stress as the range of plastic strain increases at each
subsequent cycle. The reduction in the bounding stiffness is also evident during the
applied loading history.

The phenomenon of cyclic hardening under increasing unsymmetrical strain
cycles is illustrated in Figure 4.18. The steel model produced a realistic simulation in
predicting the mild increase in the maximum stress level and the reduction in the plastic
modulus during the loading history.

Another cyclic phenomenon to emphasize is the cyclic ratcheting, which is also
known as cyclic creep. A strain history producing a constant stress range with non-zero
mean stress was generated for the steel model. The stress-strain response obtained from
the analysis exhibited a limited amount of increase in plastic strains due to cyclic

ratcheting as shown in Figure 4.19.
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Figure 4.17 Steel Model Subjected to Symmetric Increasing Strain Cycles
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Figure 4.18 Steel Model Subjected to Symmetric Increasing Strain Cycles

Two of the coupon tests performed by Mizuno et al. (1991) were simulated with
the steel model. The experimental and computational stress-strain responses were
compared in Figure 4.20 and Figure 4.21. It can be seen that good correlation was

achieved with the experimental results under complicated strain histories.
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Figure 4.19 Steel Model Subjected to Cyclic Ratcheting
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Figure 4.20 Comparison of Experimental and Computational Results of Steel Coupon
Specimen SMS8E (Mizuno et al. (1991), f, =524 MPa)
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Figure 4.21 Comparison of Experimental and Computational Results of Steel Coupon
Specimen SMS58F (Mizuno et al. (1991), f, =524 MPa)

4.4. Steel Model for Hot-Rolled Steel Girders

The strong column weak-beam design criteria adopted in seismic design leads to a
significant contribution of steel girders to the structural behavior. The cruciform RCFT
frame tests by Koester (2000) and Peng (2001) with split-tee connections also exhibited
plastic hinging in the steel girders as a main energy dissipation mechanism. Therefore,
one of the essential tasks of simulating the response of RCFT frames is to develop an
accurate material constitutive relation of the cross-section fibers of steel girders framing
into RCFT columns.

The common approaches adopted in modeling the stress-strain response of hot-
rolled steel include multi-linear models, bounding surface models and algebraic models
(White, 1986). In the multi-linear models, the stress-strain response is represented
through a set of piece-wise linear functions (Muhummud, 2003; Huang, 2005). Despite
the efficiency of these models, it is often required to derive a significant number of state
variables to capture the material characteristics. The bounding surface models introduce

multiple regions in the stress-strain space to define to elastic and inelastic response of the
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material (Dafalias and Popov, 1976; Cofie and Krawinkler, 1985; Mizuno et al., 1991).
These surfaces undergo changes in size to represent the main features of the material.
The bounding surface models do not suffer from extensive conditional statements and
large number of state variables. The algebraic models are similar to multilinear models
in the sense that stress is expressed as an explicit function of strain (Menegotto and Pinto,
1973; White, 1986). However, in the case of algebraic models, the function does not
necessarily have a linear nature. This approach eliminates the need for large number of
state variables in multilinear models and produces more accurate simulations since the
nonlinear stress-strain relations are calibrated with respect to experimental results.

In this research study, the steel model developed by Mizuno et al. (1991) was
adopted to simulate the inelasticity of the material fibers in hot-rolled steel girder cross-
sections. The existing model was augmented by introducing new rules to account for the

effect local buckling of steel girders.

4.4.1. Monotonic Response

Hot-rolled structural steel experiences a linear response until the attainment of
yield stress. The linear elastic response is followed by a flat region, which is often
referred as the yielding plateau. At high strain levels, the yielding plateau transforms into
a hardening curve with a nonlinear nature. The response in tension and compression
often exhibit identical characteristics. For the sake of simplicity of the constitutive
relation, in this research study, the yielding plateau and the hardening curve are not
modeled. Instead, it is assumed that the steel undergoes hardening once the yielding
stress is attained. Therefore, the typical stress-strain response under monotonic loading
can be obtained a given in Figure 4.22.

Under seismic loading conditions, steel girders experience large deformation
demands, which might cause local buckling to occur in the flange and/or web of the
cross-section. In order to perform realistic evaluation of the seismic performance of
RCFT frames under large hazard levels, the effect of local buckling is to be modeled.
The flexural tests on steel girders by Lukey and Adams (1969) and Green et al. (2002)

indicated that local buckling results in a gradual strength drop in the post-peak region of
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the load-deformation response. Therefore, the compression part of the stress-strain
response given in Figure 4.22 was modified to account for the effect of local buckling. It
was assumed that a linear strength degradation region initiates with a negative slope

of K, and it is followed by a constant stress region. Figure 4.23 illustrates the stress-

strain response accounting for the phenomena of local buckling. The parameters that are
required to define the compressive response with local buckling include the strain level at

initiation of local buckling (&, ), K, , and the constant stress ( f,,, ) that is maintained

following the stress degradation region.
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Figure 4.22 Monotonic Stress-Strain Response of Hot-Rolled Steel

Experimental tests in the literature were utilized to determine the ranges of values
of local buckling strain levels and develop equations to relate those limiting strain values
into geometric and material properties of the steel cross-section. Lukey and Adams
(1969) tested steel girders under three-point bending. The experimental results were
presented in terms of end-rotation vs. moment plots and the initiation of local buckling
was clearly reported. In order to utilize the local buckling data values while developing
the compressive steel constitutive relation, a computational study was conducted.

Representative specimens from Lukey and Adams (1969) were analyzed using the
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mixed-finite element formulation presented in Chapter 2. As given in Figure 4.24, the
specimens were modeled using 4 finite elements with 3 integration points. The support
conditions were assumed to be pinned and roller. The analysis was performed under
displacement-controlled solution scheme by selecting the transverse displacement of the
node located at the mid-length as the controlling degree-of-freedom (Yang and Kuo,
1994). Two types of analyses were performed for the selected specimens. In the first
analysis, no local buckling was assumed as shown in Figure 4.22. It was found that the
experimental and computational results exhibited good correlation until the initiation of
local buckling. Then, from the computational results at the end-rotation value of local
buckling as reported in the experiments, the strain level at the most stressed steel fiber of
the cross-section at the mid-node of the steel girder was determined. The strain level was

assumed to be the limiting value to initiate local buckling ( &, ). In Figure 4.25, the

summary of the steps to obtain the local buckling strain level can be found. The second
type of analysis was conducted multiple times for each selected specimen until close
agreement is achieved between experimental and computational results for the post-local

buckling response for a range of assumed K, values. Figure 4.26 and Figure 4.27
illustrates the calibration of the material model with respect to K, for Specimens B2 and

BS5 by Lukey and Adams (1969).

Stress

Strain

Jrsg

| o

Figure 4.23 Monotonic Stress-Strain Response of Hot-Rolled Steel with Local Buckling
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The specimens by Lukey and Adams (1969) were classified based on a

slenderness of parameter of A, expressed in terms of slenderness of flanges (4, ) and

webs (4,,) as defined below:

b |f ho|f
A= — 2 =— 2 2= 012122 4.17
" BT BTN T [4.17]

where:

b - flange width, ¢, - flange thickness, /4 - depth of web, 7, - thickness of web

N

T

Figure 4.24 Computational Modeling of Specimens by Lukey and Adams (1969)

Specimen B2 and B5 by Lukey and Adams (1969) were selected to represent the
steel cross-sections with low and high slenderness values, respectively. The geometric
and material properties of the specimens are presented in Table 4.4, as well as, the

calibrated values of ¢, andK|, .

Utilizing the data values presented in Table 4-5, Equations 4.18 and 4.19 were

derived to calculate ¢, and K, as a function of 4, .

&4y = ~0.0159 A, > 1.940 [4.18a]
£y = 1333% A, 2,601 1923< 2, <1.940 [4.18b]
£,y = ~0.0384 A, <1.923 [4.18¢]
K, =-1103.2 A, > 1.940 [4.19a]
K, = -24513% 2+ 46450 1923< A, < 1.940 [4.19b]
K, = -689.5 A, <1923 [4.19¢]
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Figure 4.25 Determination of Local Buckling Strain Level for Specimens by Lukey and
Adams (1969)

Table 4-5 Geometric and Material Properties of Representative Specimens of Low and

High Slenderness Values
1 bf i tf by f}‘f ’ f)"w Ks‘g
Specimen | d (mm) (mm) | (mm) | (mm) | (MPa) | (MPa) A A e Estvy (MPa)
B2 200.2 73.9 | 528 | 4.445 | 373.0 | 396.5 | 0.302 | 1.899 | 1.923 | 0.0384 | 689.5
B5 200.2 96.8 | 5.28 | 4.445 | 373.0 | 396.5 | 0.396 | 1.899 | 1.940 | 0.0159 | 1103.2
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Figure 4.26 Calibration of K, for Specimen B2 (Lukey and Adams, 1969)

In the steel material model, the constant stress attained at high strain levels ( £, )

was assumed to be 50% of the yield stress of the steel cross-section.
Sre = 05x £ [4.20]
The limiting value of f, in Equation 4.20 was also found to be consistent with three-

dimensional continuum analysis studies by Huang (2005) on steel girders under flexural

loading. Figure 4.28 shows the comparison of Equation 4.17 with the f,, values

suggested by Huang (2005) for flanges of steel girders across a range of steel cross-

section sizes.
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4.4.2. Cyclic Response

Structural steel sections are often known for their stable hysteresis response under
cyclic loading as it is shown in Figure 4.29 (a). This feature makes them ideal for
seismic applications since they contribute to the energy dissipation mechanism
significantly. However, undesirable types of behavior associated with strength and
stiffness degradation might also occur. Steel beams can be subjected to fracture due to
local imperfections coupled with high stress and strain levels. This leads to a sudden
deterioration of the cyclic response as can be seen in Figure 4.29 (b) (Gupta and
Krawinkler, 1999). Moreover, steel members with slender cross-sections are susceptible
to the local buckling phenomena, which results in stiffness and strength degradation in a
gradual manner as cyclic loading is being applied (see Figure 4.29 (c)). Despite the strict
compactness checks provided by the design provisions, local buckling might still take
place under high seismic forces, which need to be considered for low-level performance
objectives like Collapse Prevention. This requires developing an analysis tool that is
capable of simulating the structural response following local buckling.

In the previous section, a computational model was developed to estimate the
strain level at initiation of local buckling and the slope of the strength degradation
response was also determined. However, it is not sufficient to examine the structural
response under seismic forces since the effect of local buckling considering the cyclic
deterioration effects was not addressed. The gradual increase in damage due to local
buckling makes the accumulated plastic work a parameter that needs special attention to
model local buckling. The bounding surface model by Mizuno et al. (1991) was

modified assuming that the radius of the bounding surface decreases in size as function of
accumulated plastic work (W*) once local buckling takes place. The expression adopted
to realize this idea is given in Equation 4.21, where the parameter y represents the rate
of reduction in the radius of bounding surface radius (x ). In Equation 4.21, x remains

unbounded unless a limiting value to be maintained is specified for large values of W7

Following the same approach in deriving f

. In Equation 4.17, i was not allowed to

attain values less than 50% of its initial value as described in Figure 4.30.
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K=(yxw’+1)xx, [4.21]

1.5 16 16
E "ir__.;"!:- — “T-
‘- p o B
A < )
T - -t
B 3 e | Tu
E (] oo £
I H - ]
:- B :
B amp |
S . @) ' ®) | Ful (c)
= anp 5
LS 16| 16_- |
6™ Woe w w e W g 4 = - 4 e u'l. b
Normalized Strain Tip Deflection (inch) Tip Deflection (inck.,

Figure 4.29 Cyclic Response of Structural Steel (Krawinkler et al., 1983)

The steel girder tests performed by Bertero et al. (1996) were utilized to calibrate

numerical values for y . The experiments consisted of W shape steel girder and steel

column subassemblies, where the steel girder is tested under cyclic tip loadings as shown
in Figure 4.31. A computational model of the test-setup was prepared using the mixed
finite element formulation developed in Chapter 2. The column (W24x76) was defined
with 4 finite elements while the girder (W30x99) was modeled with 3 elements per
member. The number of integration points was selected as 3. The analysis was

conducted for multiple values of y including 0.0345, 0.0690, and 0.138 MPa. The
comparison of experimental and computational results indicated that y of 0.0690 gives

the best correlation with the experimental results as can be seen in Figure 4.32.
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Figure 4.30 Evolution of Bounding Surface Radius as a Function of Accumulated Plastic
Work
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Figure 4.32 Calibration of y with respect to EERC-RN2 (Bertero et al., 1996)
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Chapter 5

5. Verification of the Mixed Finite Element
Formulation

5.1. Introduction

Numerical implementation results of the mixed fiber-based beam-column element
are documented in this chapter. It is aimed to provide comprehensive analysis results to
investigate the accuracy of the formulation. Various types of RCFT members were
analyzed with different loading types and boundary conditions. The accuracy of the
analysis is decided based on the comparisons of computational results with analytical
solutions and experimental results where available. The comparisons are performed not
only at the load-deformation level but also at the cross-section and stress-strain level.
While analyzing frame type of structures, the vertical members are modeled using the
mixed RCFT beam-column element. An equivalent mixed steel beam-column element is
utilized to simulate the horizontal members and additional verification studies are also
provided to evaluate its accuracy.

The first verification set is prepared for geometrically nonlinear elastic problems.
In these problems, the formation of slip is prevented since there exist no analytical
solution available in the literature to compare to if the steel tube and the concrete core
experience differential displacement. The cross-sectional stiffness values are hard-coded
into the analysis program and they are shared equally between the two media. This
approach is adopted for convenience. The analysis results did not exhibit any variation
with respect to the proportion of cross-sectional stiffnesses assigned to the steel tube and
the concrete core.

A total number of 6 verification sets are prepared for geometrically and materially
nonlinear static problems of RCFTs. The RCFT specimens to be analyzed are selected

from the experimental database by Tort and Hajjar (2003). The specimens to be used for
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verification are grouped with respect to the loading schemes as slip critical, axially
loaded, pure-bending, proportionally-loaded, non-proportionally loaded, and cyclically
loaded. The verification study for steel girders consists of pure bending tests under
monotonic and cyclic loading schemes.

In the case of dynamic problems, two verification sets are provided. The first set
contains geometrically nonlinear elastic type damped and undamped problems. A plane
frame test performed at the University of Lehigh by Herrera (2005) was analyzed to

verify the fully-nonlinear dynamic analysis feature of the formulation.

5.2. Geometrically Nonlinear Elastic Problems

5.2.1. Euler Buckling of a Simply Supported RCFT Column

The ability of the mixed finite element formulation in producing the Euler
buckling load is studied by analyzing a simply supported column as shown in Figure 5.1.
The column is assumed to be perfectly straight without any imperfections. A linearly
increasing concentric axial load is applied. The critical load of the column (P,) is

calculated using the formula given in Equation 5.1 assuming an effective length factor

(K)of 1.

b 7 El (5.1]
cr (KL)Z .
E =200 GPa
+— P _ 7 4
VAN R 1=4.16 x 10" mm
! i A =645 x 10° mm?
| L |
< g L =3050 mm
P., = 8840.8 kN

Figure 5.1 Buckling of a Simply Supported RCFT Column
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Buckling of the column is decided when the minimum-eigen value of the global
stiffness matrix becomes negative. The analysis is performed using 1, 3, and 5 elements
per member. As it is portrayed in Figure 5.2, the discrepancy between the theoretical and
computational results diminishes significantly as the number elements increases. The
effect of the number of integration points on the analysis results is studied by using 3 and
5 integration points per element. However, the variation in the results is found to be
insignificant. In Figure 5.2, the analysis results are reported when 5 gauss points are
introduced. Schiller and Hajjar (1998) previously studied the same problem using a
mixed-based finite element formulation and the current buckling load predications are

found to be compatible with those obtained by Schiller and Hajjar (1998).

0.15
< |
é 0.1
2
§ 0.05 -

0 \ \
0 2 4 6
Number of elements

Figure 5.2 Buckling of a Simply Supported RCFT Column

5.2.2. Elastic Stability of a Cantilever Column

The cantilever column shown in Figure 5.3 is subjected to a linearly increasing
concentric axial load. The theoretical buckling load (P,,) is calculated as 2210 kN using
Equation 5.1 with a K factor of 2. The analysis results are presented for a constant axial
load increment of 2.2 kN. The cantilever column is analyzed using 1, 3, and 5 elements
along its length. The number of integration points is also varied as 4 and 6. It is found
that even with a single element, excellent correlation with the theoretical buckling load is
attained. The change in the number of gauss points does not affect the accuracy of the
results. However, increasing the number of elements produced slightly improved the

correlation with the theory.
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Figure 5.3 Buckling of Cantilever RCFT Column

Table 5-1 Analysis Results for Cantilever RCFT Column with Axial Load

Number of Number of Load Step Per (KN) Error (%)
Elements | Gauss Points Size

1 4 0.001 2212.9 0.131

1 6 0.001 2212.9 0.131

3 4 0.001 2210.6 0.027

3 6 0.001 2210.6 0.027

5 4 0.001 2210.6 0.027

5 6 0.001 2210.6 0.027

5.2.3. RCFT Cantilever Under Pure Bending

The problem presented in Figure 5.4 is a cantilever subjected to linearly
increasing end moment. This problem is selected to test the performance of the mixed

finite element formulation under large displacements, large rotations, and small strains.

E =0.006895 GPa
) v

I=4.16 x 10° mm*

_ s

r'y
N~

A=6.45x 10° mm’

L=25.4mm

Figure 5.4 Cantilever RCFT Column under Pure Bending
A constant moment increment of 0.71 kN.m is applied until the cantilever is fully

wrapped around the support as it is illustrated in Figure 5.6. The analytical solution of
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the problem can be found in Morales (1994). The analysis is performed using 3, 5, and

10 finite elements per member. Figure 5.5 shows that a good correlation can be obtained

between analytical and computational results if the number of finite elements is more

than 3. The number of integration points was found not to have a significant effect on the

accuracy of the results. Therefore, in Figure 5.5, the analysis results are presented when

4 integration points per member are used.
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Figure 5.5 Analysis Results for RCFT Cantilever under Pure Bending
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Figure 5.6 Displaced Shape of RCFT Cantilever under Pure Bending
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5.2.4. RCFT Cantilever Under Transverse Tip Loading

An RCFT cantilever subjected to a transverse tip loading as shown in Figure 5.7
is analyzed. The cantilever undergoes large displacements and rotations causing
significant axial elongation. This problem helps to investigate the performance of the
mixed finite element formulation in simulating a tension stiffening type of geometrically
nonlinear behavior.

The analysis results are compared to the analytical solution given by Mattiasson
(1981). A constant shear force increment of 0.04448 kN is applied until the transverse
displacement reaches 81% of the undeformed length of the RCFT cantilever.

The analysis is conducted using 3, 5, and 10 finite elements per member. The
number of integration points is kept as 4 since it was observed that the analysis results did
not exhibit significant variation with respect to the number of integration points. As it is
portrayed in Figure 5.8, good correlation is achieved between the analytical and
computational results. It is found that increasing the number of elements improved the
accuracy of the transverse displacements. On the other hand, the degree correlation of
the axial displacements is very good irrespective of the size of the finite element mesh.
The displaced shape of the cantilever at intervals of 10% of the total applied load can be

seen in Figure 5.9.

E=0.006895 GPa

l V
I=4.16 x 10> mm*
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Figure 5.7 RCFT Cantilever under Transverse Tip Loading

5.2.5. Harrison’s Portal Frame

A rectangular portal frame is modeled using two RCFT columns and a steel

girder. As defined in Figure 5.10, the portal frame is subjected to two vertical loads and a
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lateral load. The RCFT columns and the steel girder are modeled using 3 elements per
member with 4 integration points. The analysis is conducted by applying the lateral force
in 100 load steps and it was determined that reducing the load increments did not produce

significant changes in the final response of the frame.
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Figure 5.8 Load-Deflection Response of RCFT Cantilever under Transverse Tip Loading
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Figure 5.9 Displaced Shape of RCFT Cantilever under Transverse Tip Loading

The analysis results for the maximum moment and lateral deflection of the

windward column are compared with the stability function results reported in Clarke et
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al. (1993) in Table 5-2. It is found that good correlation is obtained with respect to both
displacements and forces. The error increases as the lateral load attains its final value.

The discrepancy of displacements from the stability function results is larger than
that of the maximum moment values. The largest error for displacements is found to be
2.30 % while a 0.25% error is obtained as the largest error for the maximum moment
values. The load-deflection response of the portal frame is shown in Figure 5.11, where
the good correlation between mixed finite element and stability function results is

evident.

5.2.6. Right-Angled Simply Supported Frame

The next benchmark problem for geometrically nonlinear elastic analysis is
selected as the right-angled simply supported frame by Lee et al. (1968). This problem is
analyzed numerically by several researchers in the past including Nukala (1997), Souza
(2000), and Alemdar and White (2005). The motivation in investigating the right-angled
frame is to assess the performance of the mixed finite element formulation when
RCFT beam-columns and steel girders are used together in a frame. The accuracy of the
results shows the quality of the transformation relations between corotational and global
coordinates. In addition, with this problem, it is possible to test how accurately the
mixed finite element formulation handles large rotations and elongations in the
corotational frame.

As it is introduced in Figure 5.12, the vertical member is defined as an 18 DOF
RCFT column while the horizontal member is simulated as a 12 DOF steel girder. The
support conditions are assumed to be pinned. Two types of discretization schemes are
employed including 3 and 5 elements per member. The analysis is conducted using the
generalized displacement control algorithm proposed by Yang and Kuo (1994). The
magnitude of the reference load vector is selected as 80064 kN and the initial load factor

1s assumed to be 0.01.
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Figure 5.10 Harrison’s Portal Frame
Table 5-2 Analysis Results for Harrison’s Portal Frame
Stability Finite Stability Finite
V (kN Function | Element Error Function Element Error
(kN) Sway Sway (%) M max M max (%)
(mm) (mm) (KN.m) (kKN.m)
44.48 7.16 7.16 0.0 69.04 68.96 0.12
88.96 18.34 18.37 0.16 139.44 139.24 0.14
133.44 37.06 37.20 0.38 211.54 211.14 0.19
177.92 74.02 74.64 0.84 286.34 285.64 0.25
222.4 184.18 188.41 2.30 368.83 367.90 0.25
25
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Figure 5.11 Load-Deflection Response of Harrison’s Portal Frame
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The analysis results are illustrated for the vertical and horizontal displacements of

the node where the transverse force is being applied. As it is shown in Figure 5.13, the

complete load-path is simulated and a good agreement is obtained between the

computational and analytical results. The buckling load of the frame is determined to be

84293.0 kN, which is comparable to the critical load of 82699.4 kN reported by Alemdar

and White (2005).
l V L = 3048 mm
VT 5 »\ N E =49639.78 GPa
L/5 Steel girder E A =3870.96 mm>
< > I=832462.8512 mm*
L L

/ RCFT column

P., (6 elem) = 88847.8 kN

P., (10 elem) = 84228.9 kN

Figure 5.12 Right-Angled Simply Supported Frame
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Figure 5.13 Load-Deflection Response of Hinged Right-Angle Frame
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In Figure 5.14, the deformed shape of the frame is presented at equal time
intervals until the end of the analysis. The buckled shapes in Figure 5.14 illustrate the

severity of geometric nonlinearity involving large rotations and elongations.
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Figure 5.14 Displaced Shape of Right Angled Simply Supported Frame

5.1.7 Post-Buckling Response Axially Loaded RCFT Cantilever

The post-buckling response of an RCFT cantilever is investigated as described in
Figure 5.15. A small bending moment is introduced at the free end of the cantilever
creating a perturbation. The analyses are performed using 3, 5, and 10 elements per

member. The number of integration points is kept as 4.
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Figure 5.15 Axially Loaded RCFT Cantilever
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The analysis results are compared to the analytical solution given in Southwell
(1941). Asitis illustrated in Figure 5.16, the mixed finite element formulation produced
accurate simulations compared to the analytical results. An increase in the correlation

can be noticed as the finite element discretization gets finer.
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Figure 5.16 Load Deformation Response of Axially Loaded RCFT Cantilever

5.3. Geometrically and Materially Nonlinear Problems

5.3.1. Slip Critical Materially and Geometrically Nonlinear Problems

The majority of the computational studies to date on analysis of RCFT columns
do not simulate the load transfer mechanism between the steel tube and the concrete core.
It is usually assumed that strain compatibility is strictly satisfied, especially, if line
elements are utilized in the analysis. Using this approach, the studies conducted by
Gourley and Hajjar (1994) and Huang (2005) produced accurate simulations of
experimental specimens and frame structures. However, both of the aforementioned
studies focused on structures having steel girders attached to RCFT columns via moment
connections, where initiation of slip is not expected. On the other hand, in the case of

gravity or braced frames, steel girders may be attached to RCFT columns without

181



penetrating into the concrete core by means of connection components welded to the steel
tube such as fin-plates and tee cleats (Shakir-Khalil and Mahmoud, 1995). In the RCFT
frames of this sort, the gravity and live loads are first transferred to the girders, then from
girders to the steel tubes, and finally to the concrete core through the interface. Since the
interface is stressed to ensure the load transfer, strain compatibility may not be satisfied
causing the formation of differential axial deformation, which is referred as slip
throughout the text.

As described in the preceding sections, Hajjar et al. (1998a, 1998b) developed a
fiber-based finite element formulation allowing the force exchange between the steel tube
and the concrete core. The constitutive relationship of the interface was represented
through a nonlinear constitutive rule as given in Figure 5.17. The interface possesses a

very high initial stiffness (&, ) until the attainment of the bond strength ( /). Following

the breachment of the bond strength, the stress level is maintained with a mild stiffness
without any deterioration. The tests conducted to examine the cyclic response of the steel
and concrete interface indicated that repeated stress-reversals do not have a significant
detrimental effect of the bond strength and stiffness (Morishita et al., 1979a, 1979b;
Shakir-Khalil 1993a, 1993b). Therefore, the unloading and reloading stiffnesses of the
interface are taken as equal to its initial values exhibiting a cyclic bond stress vs. slip
relation as presented in Figure 5.17.

Implementing the nonlinear slip vs. bond stress relationship in a finite element
formulation requires the calibration of the bond strength and stiffness values. This can be
achieved through studying the RCFT experiments in the literature and analyzing the
information related to the slip behavior. Hajjar et al. (1998a, 1998b) reviewed the push-
out experiments in the literature and identified two types of push-out tests depending on
the nature of the loading scheme as concrete-loaded and steel-loaded. The concrete-
loaded tests were performed by introducing different boundary conditions as shown in

Figure 5.18.
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Figure 5.18 Experimental Setup of Push-out Tests

Virdi and Dowling (1980), Shakir-Khalil (1993a, 1993b), and Roeder et al. (1999)
tested RCFT columns under concentric axial loading where the concrete core was loaded
alone while the specimen was resting on the steel tube at the bottom. Morishita et al.
(1979a, b) conducted push-out tests by loading the steel tube alone at the top while the
RCFT specimen was supported on the steel tube and the concrete core simultaneously at
the bottom. The main purpose of the push-out tests is to study the range of bond
strength and also to identify the factors affecting its limiting values. In Figure 5.19, the

bond strength values from the concrete-core loaded push-out tests by Shakir-Khalil
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(1993a, 1993b) and Shakir-Khalil and Hassan (1994) are plotted with respect to the
compressive strength of concrete. Only the specimens without any shear connectors
inside the steel tube are considered. The bond strength values exhibit a large variation
ranging from 0.15 MPa to 0.75 MPa.

The same trend can also be observed in Figure 5.20 when the axial load is applied
on to the steel tube. Figure 5.20 was generated using the experimental data by Morishita
et al. (1979a, 1979b), where the inside surfaces of the steel tubes were free of any shear
connectors. The bond strength values are smaller compared to the results from the
concrete core loaded type push-out tests. The minimum and maximum bond strength

values are 0.13 MPa and 0.36 MPa, respectively.
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Figure 5.19 Variation of Bond Strength wrt. Compressive Strength of Concrete

To calibrate and verify bond strength and stiffness values, Hajjar et al. (1998a,
1998b) utilized connection tests in the literature, where RCFT columns are framed by
steel girders using simple connection types. Transverse loading is applied to the steel
girders while the axial load on the RCFT column is also increased. This loading scheme
is considered to be a rational approach to investigate the load-transfer mechanism and to
evaluate its characteristics. Based on parametric studies on connection tests, Hajjar et al.
(1998a, 1998b) recommended a bond strength value of 0.6 MPa and an interface stiffness
of 10* MPa. The same values were also adopted in the current study to test the ability of
mixed finite element formulation in simulating the force exchange between the steel tube

and the concrete core. Representative connection tests from Shakir-Khalil (1994) and
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Dunberry et al. (1987) were analyzed to assess the performance of the proposed finite
element formulation.

The test setup by Shakir-Khalil (1994) for specimen E6 is shown in Figure 5.21.
The steel girders are attached to the RCFT column using tee-cleat type simple
connections. Axial load on the column and transverse force applied to the girders are
increased proportionally, where the direction of loading is upwards. The compatibility of
the axial strains at the end of the RCFT column is ensured via applying the load to the
composite cross-section uniformly. Shakir-Khalil (1994) provided strain data of the steel
tube before material inelasticity takes place at the connection region. This allows
investigating the load transfer mechanism more reliably since the strain profile of the
steel tube is directly attributed to the interaction taking place at the interface. Due to the
lack of any slip measurement, the experimental tests by Shakir-Khalil (1994) were
considered to be appropriate for investigating the ranges of slip stiffness values. The
RCFT column was modeled using a total number of 11 elements to ensure a sufficient
resolution in comparing the results, and 4 integration points were introduced for each
finite element. As defined in Figure 5.21, the transverse loading was assumed to be
applied at three locations by introducing a load distribution of 25%-50%-25% at the
bottom, middle, and top points of the connection region, respectively.

The comparison of the experimental and computational strain profile along the
length of the RCFT column can be seen in Figure 5.22 at a load level 600 kN. Three sets
of analysis were conducted. In each of the analyses, the stiffness of the interface was
assumed to have a different value including 10° MPa, 10* MPa, and 10° MPa. The
computational results exhibited a good correlation with the experimental strain profile.
An error analysis of the results is presented in Table 5-3. The average error for each
analysis case is not more than 6%. The least amount error was obtained when the
interface stiffness was set to 10° MPa.

The analysis of Specimen E6 by Shakir-Khalil (1994) was also conducted until an
axial load level of 800 kN. Three cases were studied by varying the initial stiffness of the
interface (i.e., prior to breaching of the bond strength) as 10° MPa, 10* MPa, and 10°
MPa. Figure 5.23 illustrates the comparison of computational and experimental results
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for the strain distribution in the steel tube. The reported strain data is well predicted by
the computational results. The comparisons below the connection region are found to be
better than those above the connection region. This trend is valid for each value of the
interface stiffness. In Table 5-4, the error analysis of the computational results is
presented. It is found that the interface stiffness of 10° MPa produced the lowest value of
average error and standard deviation. The length of the load transfer region is over

predicted when lower values are introduced for the stiffness of the interface.
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Figure 5.20 Variation of Bond Strength wrt. Compressive Strength of Concrete
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Figure 5.21 Simple Connection Tests Setup by Shakir-Khalil (1994)
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Figure 5.22 Axial Strain Distribution of the Steel Tube at 600 kN (Specimen E6, Shakir-
Khalil, 1994)

Table 5-3 Error Analysis of Strain Distribution of the Steel Tube at 600 kN (Specimen
E6, Shakir-Khalil, 1994)

Error (%)
Strain Gauge = = =
k, =10° MPa k., =10" MPa | k=10 MPa
! 1.28 2.03 8.94
2 4.14 0.42 723
3 935 -4.15 2.71
4 3.57 6.43 12.65
5 39.60 45.02 45.58
6 19.95 17.30 11.57
7 6.53 0.87 -4.95
8 -1.71 -4.43 -10.13
9 -1.77 275 -8.08
10 177 2.17 -6.59
Average 520 577 589
Std. Dev 14.40 15.23 16.33
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Figure 5.23 Axial Strain Distribution of the Steel Tube at 800 kN (Specimen E6, Shakir-

Table 5-4 Error Analysis of Strain Distribution of the Steel Tube at 800 kN
(Specimen E6, Shakir-Khalil, 1994)

Khalil, 1994)

Error (%)
Strain Gauge — — —
k, =10° MPa k, =10* MPa | k, =10 MPa
1 1.28 2.03 8.94
2 -4.14 -0.42 7.23
3 9.35 -4.15 271
4 3.57 6.43 12.65
5 39.60 45.02 45.58
6 19.95 17.30 11.57
7 6.53 0.87 -4.95
8 -1.71 -4.43 -10.13
9 -1.77 275 -8.08
10 -1.77 2.17 -6.59
Average 2.34 2.87 3.07
Std. Dev 15.45 16.37 18.05

Specimen E8 by Shakir-Khalil (1994) was tested using the experimental test setup

shown in Figure 5.21. The analysis model was constructed similar to the specimen E6 by
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defining 11 finite elements with 4 integration points. The load distribution at the
connection region was also selected as 25%-50%-25% at the bottom, middle, and top
points, respectively. The material strengths for the specimen E8 were designed to have

slightly higher concrete strengths than specimen E6 with (' = 32.5MPa and
E_ = 36.7GPa. The other nominal material and geometric properties of the specimen E6

and E8 are identical. The strain distribution of the steel tube for specimen ES8 is exhibited
in Figure 5.24. Due to the limited published data, the comparisons can only be seen for
three strain readings. The correlation of strain values is not satisfactory at the connection
region. However, the strain value away from the connection is well predicted with a
maximum error value of 13%, which is obtained with the lowest interface stiffness. In
addition, the rate of load transfer matches with the experimental observations. The error
analysis of the results for the specimen E8 in Table 5.5 shows that the lowest average

value of error is obtained when the stiffness of the interface is 10° MPa.
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Figure 5.24 Axial Strain Distribution of the Steel Tube at 600 kN (Specimen ES8, Shakir-
Khalil, 1994)
Hajjar et al. (1998a, 1998b) performed verification and calibration studies on the
bond strength using the connection tests conducted by Dunberry et al. (1987), where tee
cleat type simple connections were utilized. The RCFT column is subjected to

proportional axial loading at the top and also around the mid-height as it is demonstrated
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in Figure 5.25. The element ends are capped ensuring strain compatibility of the steel
tube and the concrete core. Specimen D1 tested by Dunberry et al. (1987) is analyzed
using 10 finite elements and 4 integration points within each element. The force
distribution over the connection region is assumed to be 20-20-60 % at the top, middle
and bottom locations, respectively. The initial stiffness of the interface is assumed to be
10* MPa. The analysis is conducted for different values of bond strength including 0.4
MPa, 0.6 MPa, and 0.8 MPa. In Figure 5.26, the computational and experimental slip
values along the length of the RCFT column are presented. The slip distribution from the
analysis well matches with the measured values. A better correlation of the slip values is
obtained below the connection region compared to the region above the connection. A

similar trend was also noticed by Hajjar et al. (1998a, 1998b).

Table 5-5 Error Analysis of Strain Distribution of the Steel Tube at 600 kN (Specimen
ES8, Shakir-Khalil, 1994)

Error (%)
tain Gavee k =10°MPa | k.=10'MPa | k. = 10° MPa
! 5.32 6.11 13.33
2 27.09 2439 -18.56
3 32,65 -28.79 2375
Average 12.44 15.73 24.08
Std. Dev. 28.16 26.10 27.41

The error analysis of the slip results is given in Table 5-6. In the regions away
from the connection, very high error values are obtained. This is attributed to the fact
that the reported slip values in the experiments are very small compared to the
computational results. However, the maximum slip values produced a better correlation
as can be seen in Table 5-6. Based on Figure 5.26, the maximum slip is predicted more

accurately if the bond strength is assumed as 0.6 MPa.

190



lm P=1622kN
D=152.4mm
- Bl | 1 B=152.4 mm

P/4 P/4 t=4.83 mm

E] "j:e Cleat . 1, =443 MPa

RCFT 1., =588 MPa
L. e f.=29.6 MPa
! E.=19.3 GPa

""""" L ! L =2000 mm
L.=1200 mm

Figure 5.25 Simple Connection Tests Setup (Dunberry et al., 1987, Specimen D1)
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Figure 5.26 Slip Distribution (Dunberry et al., 1987, Specimen D1)

Dunberry et al. (1987) also reported axial force distribution in the steel tube and
the concrete core along the element length. This data provided valuable comparisons to
monitor the accuracy of load exchange estimated by the mixed finite element
formulation. The comparison of the axial force distribution for specimen D1 is illustrated
in Figure 5.27. Since the axial force is directly applied to the steel tube DOFs, in Figure
5.27, abrupt increase in the axial force of the steel tube is evident at the load application

points. On the other hand, the concrete core experiences a gradual growth of the axial
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load since it is transferred through the interface. The general trend of the force
distribution reveals a good correlation with the published results for every bond strength
value. The numerical values of the axial loads match with the reported values better
above the connection region compared to the portion of the element length below the
connection. The error analysis of the axial load distribution can be found in Table 5-7.
The axial load estimations of the steel tube produced more accurate results compared to
the concrete core. The best correlation is obtained when the bond strength value is set to
0.8 MPa.

Table 5-6 Error Analysis of Slip Value (Dunberry, 1987, Specimen D1)

Location (mm) Error (%)
0.4 MPa 0.6 MPa 0.8 MPa
815.34 522.7 139.3 717.5
919.48 346.3 91.9 42.6
1049.02 76.2 6.9 -14.3
1229.36 145.2 16.4 -11.2
1409.7 1184.2 485.1 4194
Average Error 454.9 147.9 102.8
Std. Dev. 4437 196.3 181.1
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Figure 5.27 Axial Force Distribution (Dunberry et al., 1987, Specimen D1)
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The analysis results of slip critical RCFT columns indicated that a slip stiffness of

10° MPa and a bond strength of 0.8 MPa produced the best correlation with the

experimental results with lower values of average error and standard deviation for the

majority of specimens. However, the degree of correlation achieved by 10° MPa slip

stiffness and 0.6 MPa bond strength is not significantly different than it was achieved by

the aforementioned values. For the sake of consistency with the prior work by Hajjar et

al. (1998a, 1998b), in this research study, 10° MPa slip stiffness and 0.6 MPa bond

strength were utilized in the analysis results.

Table 5-7 Error Analysis of Axial Load (Dunberry, 1987, Specimen D1)

Location Concrete Core - Error (%) Steel Tube - Error (%)
(mm) 0.4 MPa | 0.6 MPa | 0.8 MPa | 0.4 MPa | 0.6 MPa | 0.8 MPa
0 9.4 9.4 9.4 3.7 -3.8 -3.6
707 8.7 7.6 8.9 -3.3 -2.8 3.4
804 6.2 0.8 7.3 2.5 0.4 2.7
902 6.1 0.1 8.9 3.7 0.7 3.2
989 6.4 2.3 9.4 3.7 0.8 2.1
1043 4.3 1.6 6.6 5.9 11.4 9.3
1413 -12.4 3.2 -16.6 12.7 -13.0 -4.4
1500 16.6 325 13.6 12.1 -17.5 -6.4
1543 133 28.1 11.1 23.5 -14.9 -4.9
1696 7.0 13.8 6.2 -8.0 -6.5 2.1
2000 4.2 5.0 4.1 -5.6 -1.4 -0.9
Average 6.4 8.9 6.3 2.2 -4.2 -2.2
Std. Devi. 7.3 11.6 8.0 10.0 8.4 4.1

Specimen C1 by Dunberry et al. (1987) was selected to verify the accuracy of the

selecte slip stiffness and bond strength values. The test was performed using the

experimental setup described in Figure 5.28. The axial load was applied through tee-

cleat type connections at the mid-height of the RCFT column. The top of the specimen

was left uncapped allowing the steel tube to slip with respect to the concrete core. The

analysis of the Specimen C1 was conducted by defining 7 elements per member with 4

integration points. The fine mesh was selected to provide consistency with the location

of the strain gauges used in the experiment. The bond strength and stiffness of the

interface are assumed to be 0.6 MPa and 10* MPa as recommended by Schiller and Hajjar
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(1998) and Hajjar et al. (1998a, 1998b). Figure 5.29 illustrates the axial force distribution
in the concrete core along the length of the specimen. The gradual transfer of axial load
to the concrete core is evident starting at the top of the specimen. In general, a good
correlation is attained between the computational and experimental axial load values of
the concrete core. The axial force estimations above the connection region were found to
be more satisfactory compared to region above the connection. The largest error in the

estimations is obtained as 5.9%.
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Figure 5.28 Simple Connection Tests Setup (Dunberry et al., 1987, Specimen C1)

5.4. Materially and Geometrically Nonlinear RCFT Column
Tests

Understanding the response of short RCFT columns ( L/ D < 10) under uniaxial
compression provide significant insights into the interaction of the steel tube and the
concrete core. The load-deformation behavior is significantly affected by the
confinement effects resulting from the passive lateral pressure exerted on to the concrete
core from the steel tube. In addition, expansion of the concrete core due to crushing
accelerates the formation of local buckling on the steel tube walls. Since the severity of

confinement and local buckling effects is significant under uniaxial compression,
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studying short RCFT columns helps calibrating and verifying the analysis models to
account for these two phenomena. The RCFT columns that are examined in this section
experience negligible geometric nonlinearity due their low slenderness ratio. However,
in the analysis, the geometric nonlinear features of the finite element formulation were

not suppressed for the sake of consistency in the breadth of the analysis method.
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Figure 5.29 Simple Connection Tests Setup (Dunberry et al., 1987, Specimen C1)
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Figure 5.30 Short RCFT Columns under Concentric Axial Loading

The first specimen studied is CR4-D-2 tested by Nakahara et al. (1998). It is
found to experience the typical limit states observed in RCFT stub column experiments
including steel tube yielding, concrete crushing, and local buckling of the steel tube.
Therefore, it is selected for investigating the mesh sensitivity of the results. A

displacement-controlled load incrementation scheme is employed in the analyses (Yang
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and Kuo, 1994). Six discretization schemes are studied. 1, 2, and 3 elements per
member are used while the number of integration points is selected as 4 and 6. The
number material fibers were kept as constant with 4 fibers along the depth and width of
the concrete core and 4 fibers along the width of the flange and the depth of the web of
the steel tube. A single layer of fiber along the depth of the flange and width of the web
of the steel tube was introduced. Figure 5.31 illustrates the axial force vs. deformation
response for each analysis. The results are presented individually for the concrete core,
the steel tube, and the composite cross-section. The specimen undergoes severe local
buckling at the early stages of loading due the high D/# ratio of the steel tube. Softening
type of response initiates following the formation of concrete crushing. The
computational results are found to exhibit almost no variation with respect to the size of
the mesh. This might be attributed to the fact that the specimen does not suffer from
geometric nonlinearity due its small L/D ratio. This creates a uniform strain distribution
at each interpolation point along the element length. In addition, the axial displacement
field is well predicted with the quadratic interpolation functions employed in the natural
coordinates. The progression of damage for the specimen CR4-D-2 is initiated by
yielding of the steel tube at 90% of the peak axial load acting on the composite section.
Yielding of the steel tube is followed by local buckling of the steel tube at 97% of the
peak axial load. The computational results detected crushing of concrete to take place
simultaneously with the attainment of peak axial load.

Varma (2000) conducted an experimental study on short RCFT columns utilizing
high strength materials. The specimen SC48-46 is analyzed using 2 elements per
member with 4 integration points. The comparison of the experimental and
computational results is presented in Figure 5.32 and good comparison is obtained with
respect to initial stiffness, peak axial load, and the strength degradation stiffness. The
progression of local damages started with steel tube yielding and local buckling occurring
at 71.06 % and 79.18 % of the peak axial load, respectively. Concrete crushing is
detected at the same time when the peak load is reached.

The next specimen studied is IVA, which was tested by Tomii and Sakino (1979)
using the pinned-ended support conditions portrayed in Figure 5.30. The specimen was

196



constructed using low strength materials for the steel tube and the concrete core. The

analysis of IVA is conducted using 2 elements per member with 4 integration points

along the element length. Similar to the experimental results documented by Tomii and

Sakino (1979), a stable response is obtained without any significant strength degradation.

The comparison of the analysis and experimental results is given in Figure 5.33, where a

good correlation is attained. The progression of damage states is found to initiate with

steel tube yielding at 80% of the peak axial load. Concrete crushing takes place

following steel tube yielding around 91% of the peak axial load. The analysis detected

local buckling of the steel tube at the same time when the peak axial load is reached. Due

to the small D/ ¢ ratio of the specimen IVA, no strength degradation is observed even

after local buckling of the steel tube takes place.

4500
Composite
Section
g 3000 -+
8 |
° Concrete Core
-@ /
é 1500 -+
Steel Tube
0 "‘P T T T T
0.0 10.0 20.0 30.0 40.0 50.0
Axial Displacement (mm)

—— Experiment
—1_4 comp
—1 4 conc
—1_4 stl
— 1 6_comp
—1_6_conc
—1_6_stl
2 4 _comp
2 4 conc
2 4 stl
2 6 _comp
2 6 _conc
2 6 stl
3 4 comp
3 4 conc
3 4 stl
—3 6 _comp
3 6 _conc
3 6 stl

Figure 5.31 Comparison of Computational and Experimental Results for an RCFT Stub

Column Test (Nahakara et al., 1998, Specimen CR4-D-2, f , =262 MPa, fc' =41.1

MPa, D/t=73.7, L/ D=3)
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The geometrically and materially nonlinear short RCFT columns analyzed until

this point represent RCFT members covering extreme values with respect to the
parameters of £, and D/¢. The comparisons of experimental and computational results

in Figures 5.31 through 5.33 showed that the mixed finite element formulation
successfully predicts a wide range of behavioral characteristics of short RCFT columns.
In order to extend the verification of the mixed finite element formulation to other RCFT
columns available in the literature, multiple specimens from the experimental database by

Tort and Hajjar (2003) were studied. The selected specimens were examined in three
different groups with respect to the parameters of f, and D/t since these characteristics
govern the load-deformation response significantly. Group 1 was assumed to have

specimens with high f. values. The specimens having high D/t values were placed in

Group 2. Group 3 contained the specimens with moderate values of f, and D/t. In

Table 5-8, the material and geometric properties of specimens are summarized, where
measured values are presented. The right superscripts attached to the name of the
specimens denoted the corresponding group number.

The discretization scheme of the specimens is selected as 2 elements per member
with 4 integration points. The constant-displacement arc length method is utilized as the
global nonlinear solution scheme (Yang and Kuo, 1994). Two types of boundary
conditions are introduced as fixed- fixed or pinned-roller. The slip between the steel tube
and the concrete core is restricted at the supports but allowed at the mid-joint, consistent
with the experiment boundary conditions. Figure 5.34— Figure 5.58 portray the
comparison of computational and experimental results in terms of axial load vs. axial
deformation response. In each plot, three sets of analysis data are presented, including
the steel tube, the concrete core, and the composite section. This helps to examine local
damage states (e.g., steel tube yielding, concrete crushing, local buckling) and their

contribution to the global response.
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Table 5-8 Concentrically Loaded RCFT Column Tests

Specimen E; 1 1. D B t Dt L /D
Label (MPa) (MPa) (MPa) (mm) (mm) (mm) (mm)

g3t 209615 | 327.0 96.0 119.9 119.9 5.00 24.0 500 4
g4* 210048 | 439.0 96.0 119.9 119.9 5.00 24.0 500 4
g8! 209740 | 323.0 103.0 119.9 119.9 8.00 15.0 500 4
g27* 210556 | 379.0 91.0 249.9 249.9 8.00 31.2 500 4
SC32-46 197000 | 269.0 110.6 303.5 303.5 8.64 35.1 1220 4
SC32-80° 197000 | 600.0 110.6 305.3 305.3 8.89 343 1220 4
I-A? 206010 | 194.2 38.3 100.0 100.0 2.29 43.7 300 3
11-A? 213858 | 3394 21.4 100.1 100.1 2.21 45.3 300 3
111-A? 206010 | 288.4 20.5 100.1 100.1 2.21 45.3 300 3
S12 180518 | 356.0 30.5 127.3 127.3 3.15 40.4 635 5
R1? 190164 | 430.0 30.5 152.3 76.0 3.00 50.8 635 4
CR4-D-8 | 206000 | 262.0 80.3 324.1 324.1 4.37 74.2 969 3
CR4-C-4-12 | 206000 | 262.0 41.1 214.9 214.9 437 49.2 645 3
CRs-C-8> | 206000 | 835.0 41.1 214.9 214.9 4.37 49.2 525 3
g1’ 209655 | 304.1 47.0 119.9 119.9 5.00 24.0 500 4
g2° 209567 | 438.0 46.0 119.9 119.9 4.98 24.1 500 4
S23 190164 | 357.0 26.0 127.0 127.0 4.32 29.4 635 S
S3° 205322 | 322.0 23.8 127.0 127.0 4.55 27.9 635 5
S43 203974 | 312.0 23.8 126.5 126.5 5.67 22.3 635 5
s5° 204633 | 347.0 23.8 127.2 127.2 7.47 17.0 635 5
R2® 213593 | 382.7 26.0 152.9 76.5 447 34.2 635 4
R3® 214968 | 413.7 26.0 152.4 101.9 4.32 353 635 4
R4® 206011 | 365.0 23.8 152.7 102.9 4.57 33.4 635 4
R5® 204633 | 324.1 23.8 151.4 101.3 5.72 26.5 635 4
R6® 205322 | 357.9 23.8 152.4 102.1 7.37 20.7 635 4
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As may be seen from the figures, the overall correlation between the experimental
and computational results is generally excellent for the full range of geometric and
material properties common within RCFTs. More detailed error analysis of the
computational results presented in Figures 5.34 through 5.58 is given in Table 5.9. Four
types of data values are obtained from the experimental plots including initial stiffness

(E,), peak axial load ( P,)), displacement at peak axial load (d ), and residual strength at

high deformation levels ( P,

es

). The experimental data values are then compared to the

computational results and the associated error values are computed.

Figures 5.58 to Figure 5.61 illustrate the variation of the absolute value of the

error with respect to the structural parameters of (D/¢)x ./ f,/E, and f.. These two

parameters characterize the response of RCFT columns. For example,

(D/t)x f, 1 E, signifies the slenderness of the steel tube against local buckling, which

influences the peak strength and the post-peak behavior of the RCFT columns. The value
of £, on the other hand, has significant contribution in every segment of the load

deformation response of RCFT columns, which is attributed to the nonlinear response of
concrete.
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Table 5-9 Comparison of Experimental and Computational Results for Concentrically-Loaded Short Column Tests

Experimental Results Computational Results Error (%)
. E. P d P E. P d P E. P d P
Spe(:lmen Label i o o res i o o res i o o res
(kKN/mm) (kN) (mm) (kN) (kN/mm) (kN) (mm) (kN) (kN/mm) (kN) (mm) (kN)
I-A2 1162.7 495.5 1.16 300.3 1288.3 522.1 0.57 435.6 -10.8 -5.4 50.9 -45.1
I1-A> 1052.8 517.8 0.90 381.5 1042.3 509.2 0.57 507.6 1.0 1.7 36.7 -33.0
-A> 1676.7 525.5 0.73 375.4 1305.4 584.1 0.89 562.6 22.1 -11.1 -21.9 -49.9
IV-A° 2515.1 649.3 0.56 668.2 1697.8 719.4 0.76 711.9 32.5 -10.8 -35.7 -6.5
gl3 410.0 1440.0 3.87 1250.0 1633.9 1314.3 1.91 1314.3 -298.5 8.7 50.6 -5.1
g23 641.5 1685.4 3.39 1525.3 1569.8 1568.7 1.52 1568.7 -144.7 6.9 55.2 -2.8
g31 631.6 2000.0 3.36 1437.0 1883.6 1944.2 1.52 1591.2 -198.2 2.8 54.8 -10.7
g41 605.0 2237.3 4.10 1847.5 1885.5 2130.3 1.52 1809.2 -211.7 4.8 62.9 2.1
g81 1111.5 2227.3 2.92 2145.5 2301.9 2342.2 1.63 2288.1 -107.1 -5.2 44.2 -6.6
g271 2626.3 8290.9 3.25 4654.6 7371.2 7851.3 1.52 5877.0 -180.7 53 53.2 -26.3
S1? 1011.6 924.7 2.28 774.2 981.5 995.3 2.13 937.6 3.0 -7.6 6.6 -21.1
S23 1354.8 1086.0 3.19 956.9 1102.9 1176.8 4.45 1161.6 18.6 -8.4 -39.5 -21.4
S3? 722.6 1118.3 2.18 892.5 1161.4 1126.9 1.60 1113.5 -60.7 -0.8 26.6 -24.8
S4? 481.7 1182.8 2.08 1161.3 1289.9 1295.0 1.60 1288.0 -167.8 -9.5 23.1 -10.9
S5° 1024.0 2064.5 2.48 1967.7 1083.9 1750.2 1.78 1736.2 -5.8 15.2 28.2 11.8
R1? 663.6 806.0 1.39 617.9 787.5 758.8 1.27 432.6 -18.7 5.8 8.6 30.0
R2} 779.1 1000.0 1.72 806.0 988.1 1000.6 1.52 980.8 -26.8 -0.1 11.6 -21.7
R3’ 1660.8 11194 1.39 1014.9 1174.4 1216.1 1.65 1186.5 29.3 -8.6 -18.7 -16.9
R4} 730.7 12239 2.20 1014.9 1167.5 1140.8 1.52 1116.3 -59.8 6.8 309 -10.0
RS’ 900.0 1343.3 1.94 1194.0 1287.5 1303.1 1.65 1291.6 -43.1 3.0 14.9 -8.2
R6® 900.0 1686.6 1.81 1641.8 1477.5 1714.0 2.03 1701.9 -64.2 -1.6 -12.2 -3.7
CR4-D-§° 3298.2 8553.3 3.46 3441.2 4928.2 9359.9 2.54 3861.8 -49.4 94 26.6 -12.2
CR4-C-4-1? 2459.6 2538.0 1.97 1761.0 2942.7 2788.8 1.33 2138.7 -19.6 -9.9 32.5 -21.4
CR8-C-8? 2581.9 5512.9 3.40 4380.4 3436.6 5328.2 2.76 4526.9 -33.1 34 18.8 -33
CR4-D-2° 2447.4 3668.4 222 2583.4 3393.5 4025.4 1.78 2740.4 -38.7 9.7 19.8 -6.1
SC32-46' 4135.6 11511.6 2.92 6383.7 4420.8 12087.4 3.73 7121.8 -6.9 -5.0 -27.7 -11.6
SC32-80" 4893.8 14232.6 3.26 10255.8 4501.0 14673.0 3.81 9852.0 8.0 -3.1 -16.9 3.9
SC48-46' 4013.4 11920.2 3.47 5651.2 4135.9 11835.0 3.56 5017.7 -3.1 0.7 2.6 11.2
Mean of Error -58.4 -1.5 17.2 -11.4
Standard Deviation of Error 84.7 7.1 29.7 16.6
Median of Error -30.0 -1.2 21.5 -10.4
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The predictions of the initial stiffness show a significant scatter. The mean value of the
error from Table 5-9 is obtained as -58.4 % while the standard deviation is 84.7 %. From

Figure 5.59, it can be seen that the error values for the specimens with low
(D/1)x\f,/E, (<1.0) and medium strength concrete (40 MPa < f, < 80 MPa) are
usually the highest. Due to less variation in the modulus of elasticity of the steel tube
compared to the concrete, the error in £, may be attributed the inaccuracy in

calculating £, .

|Error(%)|

Figure 5.59 Variation of error for E, with respect to (D/¢) x Jf /Eg and f.

The correlation of the experimental and computational results for P, is often found to be

satisfactory. The mean error and the standard deviation are calculated as -1.5 % and 7.11

%, respectively. In Figure 5.60, the largest error values are obtained for the specimens

with low values of (D/1)x \/f, /E_ and f,. This might be attributed to the fact that the

material model utilized for the cold formed steel tube underestimates the hardening
response following yielding.
Figure 5.61 shows the comparison of experimental and computational values of

d,. The mean value of the error is 17.2 % and the standard deviation is 29.7%. In the
case of specimens with low (D/t)x . f ) / E_ values, the error values are found to be the

largest. This error may be due to the unsatisfactory predictions of E; for the specimens

having low (D /1) x VS ! E, values.
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Figure 5.61 Variation of error for d, with respect to (D /) x Jf /E, and f.

The comparison of experimental and computational values for P, is presented in

Figure 5.62. The magnitude of the error is found to be the minimum for the specimens
with £, values ranging from 40 to 80 MPa. No clear trend is observed for the error

values due to the change in the slenderness of the steel tube. The average error values

and the standard deviation are found to be -11.4% and 16.6%, respectively.
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|Error(%)| |. 40

Figure 5.62 Variation of error for d, with respect to (D /1) x \/f, / E, and f,

5.5. Materially and Geometrically Nonlinear RCFT Beam Tests

The main motivation in conducting pure-bending tests is to understand the
flexural response of the RCFT composite section and to quantify the contribution of
concrete core to the moment capacity (Lu and Kennedy, 1994). From the experimental
database by Tort and Hajjar (2003), two types of loading schemes were identified as
depicted in Figure 5.63. Lu and Kennedy (1994) tested RCFT members under four point
loading creating a center portion of the beam under constant bending moment. Tomii and
Sakino (1979) applied bending moment directly at the supports and the RCFT member

was subjected to a uniform moment along its whole length.

l l

RCFT

)

I N

7

Figure 5.63 Pure Bending of RCFT Beams

The accuracy of the mixed finite element formulation in simulating pure bending

tests is assessed in this section. First, a mesh convergence study was performed on the
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specimen CB12 by Lu and Kennedy (1994). A total number of six analyses were
conducted by varying the number of elements per member from 2 to 4 and varying the
number of integration points as 4 and 6. The same fiber discretization was used for each
analysis. The number of material fibers was kept as 4 along the depth and width of the
concrete core and the steel tube. A single layer of fiber layers around the perimeter of the
steel tube was defined. A displacement-controlled solution algorithm was utilized by
selecting the steel tube transverse displacement of the node under the left shear loading as
the control degree-of-freedom (Yang and Kuo, 1994). Figure 5.64 shows the comparison
of load deformation response for each case of the analyses. In the legend of Figure 5.64,
the first character indicates the number of elements while the second shows the number
of integration points. Until the attainment of the peak load, the computational results are
not exhibiting a noticeable deviation from each other. However, in the post-peak region a
slight discrepancy is evident. It was found that using 3 elements per member with 4
integration points produces a maximum error in moment less than 0.5% compared to the
finest mesh with 4 elements per member with 6 integration points. Therefore, using 3
elements with 4 integration points is determined to be a mesh density producing an
acceptable level of accuracy. It should be noted that even with a relatively coarse mesh
of 2 elements with 4 integration points, the analysis produced satisfactory results. This
can be attributed to the superior representation of inelastic curvatures in mixed-finite
element formulation.

Lu and Kennedy (1994) documented experimental moment-curvature plots for the
specimens tested under four point bending. Figure 5.65 illustrates the comparison of the
computational and experimental results for the Specimen CB12. A good correlation is
achieved with respect to the initial stiffness and moment capacity. However, the
computational response overestimated the strength degradation following the attainment
of the peak moment. In Figure 5.65, the moment vs. curvature response is presented for
the steel tube, concrete core, and composite section, individually. It can be seen that the
strength degradation in the post-peak region is attributed to concrete crushing. The
contribution of the concrete core to the moment capacity is found to reach up to a level of

35% throughout the loading history.
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Figure 5.64 Mesh-Convergence of Pure Bending of RCFT Beams
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Figure 5.65 Comparison of Computational and Experimental Results for an RCFT Beam
Pure Bending Test (Lu and Kennedy, 1994, Specimen CB12)

Gho and Liu (2004) also performed four point bending tests on RCFT beams. A
higher strength concrete is utilized compared to the specimens by Lu and Kennedy
(1994). Specimen B04 by Gho and Liu (2004) is analyzed by using 3 elements per
member for the edge spans and 4 elements per member for the center span. The number

of elements is increased by one for the center span due to the fact that the experimental
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results are given for bending displacement of the middle of the specimen. The maximum
bending displacement is obtained as the difference in total displacement of the node
located at the middle of the specimens and the node on which the transverse loading is
being applied. The comparison of the experimental and computational results can be
found in Figure 5.66. A good correlation in initial and bounding stiffness (post-peak
stiffness) is achieved. However, discrepancy in the maximum moment value can be
noticed. This might be attributed to the overestimation of the initial plastic strain due to
residual stress in the steel tube.

In the tests by Tomii and Sakino (1979), RCFT beams are subjected to bending
moments applied directly at the elements ends as it is illustrated in Figure 5.63. The
specimen [V-0 by Tomii and Sakino (1979) is analyzed with 3 finite elements per
member with 4 gauss points. Displacement control algorithm is utilized by selecting the
in-plane rotation at one end of the member as the controlling degree-of-freedom (Yang
and Kuo, 1994). In Figure 5.67, the computational and experimental load deformation
response of Specimen IV-0 can be seen. The finite element results are found to estimate
the initial stiffness and the maximum value of the moment accurately. On the other hand,

the effect of residual stress is overestimated causing earlier yielding of the specimen.
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’é 80.0
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Figure 5.66 Comparison of Computational and Experimental Results for an RCFT Beam
Pure Bending Test (Gho and Liu, 2004, Specimen B04)
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Figure 5.67 Comparison of Computational and Experimental Results for an RCFT Beam
Pure Bending Test (Tomii and Sakino, 1979, Specimen IV0)

The verification studies conducted on pure bending tests until this point was
aimed to illustrate the capability of the mixed-finite element formulation to model
representative RCFT members characterizing the behavioral aspects in pure bending tests
with respect to the material properties and boundary conditions. The response patterns
exhibited by the computational results were identified and discussed.

To examine the ability to model the results from the experimental database of
pure bending tests by Tort and Hajjar (2003), RCFT members with a wider range of
geometric and material properties were selected. The assessment of the accuracy of the
computational results was performed based on comparisons of key numerical quantities
in the experimental and computational load-deformation response including initial
stiffness, peak moment, and bounding stiffness.

The minimum mesh density of the specimens analyzed was 3 elements per
member with 4 integration points. The constant-displacement arc length method was
utilized as the global nonlinear solution scheme. The local response parameters including
cross-section forces and deformations were determined through Newton-Raphson
nonlinear solution algorithm due to the fact the load vector at the local level is decided

based on the operations performed at the global level (see chapter 2). This restricted the
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use of limit-state algorithms such as arc-length method or displacement-control. In
Figure 5.68, the numerical representations of the pure bending test setups are illustrated.
Pinned-roller boundary conditions were introduced for all of the specimens. The slip
between the steel tube and concrete core was allowed at every joint along the element
length, consistent with the experiment boundary conditions.

Figure 5.69-Figure 5.83 show the comparison of computational and experimental
results in terms of moment vs. curvature, moment vs. bending displacement, or moment
vs. end-rotation response. The moment-curvature response was obtained for the most
stressed cross-section, which was usually located at the mid-length of the specimen.
Since the steel tube and the concrete core rotational degrees of freedom are introduced
independently in the natural coordinates, the moment curvature response is presented
individually for the steel tube, the concrete core, and the composite section in a single

plot.

(2)

CA ® ° é; - (b)

Figure 5.68 Concentrically Loaded Short RCFT Column Computational Model
A total number of 18 specimens were analyzed from the database by Tort and

Hajjar (2003). The specimens exhibited a distinct gradient with respect to boundary
conditions, material properties, and geometric properties. The specimens were first
grouped as “a” and “b” according to the boundary conditions introduced in Figure 5.68.
The second classification of the specimens was performed with respect to the concrete
strength, where Group 1 was assumed to have low-strength concrete specimens and
Group 2 was assumed to have high-strength concrete specimens. Table 5-10 gives a full
summary of the measured material and geometric properties of the specimens, where
available. The nomenclature to denote the classification of the specimens was designed

as supercripts attached to their experimental label. For example, the specimen “CB12*!”

has type “a” boundary conditions and it belongs to Group 1 with respect to the concrete
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strength. This type of classification of the specimens helps to analyze the sources of

errors between the experimental and computational results and to recommend ways for

improving the correlations with the experiments.

Table 5-10 Pure Bending Tests of RCFT Beams

Specimen E, f v fc' D B t D/t L
Label (MPa) | (MPa) | (MPa) | (mm) | (mm) | (mm) (mm)
CB12* 212001 383.0 47.0 152.4 152.4 4.43 34.4 a=235m=1305
CB13" 212001 409.8 42.8 152.4 152.4 4.43 34.4 a=463, m= 1305
CB15" 212001 383.0 41.2 152.4 152.4 4.43 344 a =768, m = 1305
CB22" 205402 490.0 46.9 152.4 152.4 8.95 17.0 a=236, m= 1305
CB31* 208401 379.0 46.7 253.4 152.0 6.17 41.1 a=26, m= 1508
CB35" 208401 379.0 44.3 253.4 152.0 6.17 41.1 a= 1276, m= 1508
CB41* 200003 405.0 46.2 253.0 152.2 9.04 28.0 a=261, m=1508
CB45" 200003 405.0 43.8 253.0 152.2 9.04 28.0 a= 1276, m= 1508
CB52* 208401 379.0 47.1 253.4 152.0 6.17 41.1 a=235m=1305
CB53" 208401 379.0 42.1 253.4 152.0 6.17 41.1 a=463, m= 1305
CB55* 208401 379.0 40.5 253.4 152.0 6.17 41.1 a=768, m=1305
BI1CSN* 199955 350.0 39.0 140.0 140.0 3.90 359 a= 325, m =300
BIDRN* | 199955 360.0 39.0 200.0 100.0 4.70 42.6 a =325, m =300
B02* 205002 438.0 56.3 150.2 150.4 4.87 30.8 a=365m=730
B04 205002 438.0 87.5 150.0 150.2 4.84 31.0 a=365 m=730
110" 208953 305.1 21.6 100.0 100.0 2.27 44.1 300
110" 210956 289.4 20.6 100.0 100.0 2.98 33.6 300
I 225630 284.5 18.6 100.0 100.0 4.25 23.5 300
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70 - / 4
60 -
é so /e
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g 30 - ——— Concrete Core
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Figure 5.69 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB13)
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Figure 5.70 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB15)
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Figure 5.71 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB22)
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Figure 5.72 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Lu and Kennedy, 1994, Specimen CB31)
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Figure 5.73 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Lu and Kennedy, 1994, Specimen CB35)
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Figure 5.74 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB41)
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Figure 5.75 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB45)
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Figure 5.76 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Lu and Kennedy, 1994, Specimen CB52)
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Figure 5.77 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Lu and Kennedy, 1994, Specimen CB53)
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Figure 5.78 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Lu and Kennedy, 1994, Specimen CBS55)
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Figure 5.79 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Assi et al., 2003, Specimen B1CSN)
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Figure 5.80 Comparison of Computational and Experimental Results for an RCFT Beam
under Four Point Bending (Assi et al., 2003, Specimen BIDRN)
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Figure 5.81 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Assi et al., 2003, Specimen B02)
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Figure 5.82 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Tomii and Sakino, 1979 Specimen 110)
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Figure 5.83 Comparison of Computational and Experimental Results for an RCFT Beam

under Four Point Bending (Tomii and Sakino, 1979, Specimen II10)

As may be seen from the figures, the overall correlation between the experimental
and computational results is generally excellent for the full range of geometric and

material properties common within RCFTs. A detailed evaluation of the accuracy of the
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computational results is presented in Table 5-11 in the form of an error analysis. Three
types of data values obtained from the computational load deformation curves are

compared their counterparts from the experiments including initial stiffness ( £, ), peak
moment ( M), and bounding stiffness (K, ). The corresponding percentage of error is

then calculated.

Figure 5.84 and Figure 5.85 illustrate the variation of the absolute value of the

error with respect to the structural parameters of (D /) x ./ f ./ E, and f.. These two

parameters constitute the two main properties dominating the response of RCFT beam:s.
For the majority of the specimens, the computational initial stiffness values are
determined to be larger than the experimental initial stiffnesses. The mean error and the
standard deviation are calculated as 32.0% and 32.3%, respectively. From Figure 5.84, it
can be seen that the largest percent error in absolute value corresponds to the specimens
with slender steel tubes and low strength concrete. The discrepancy might be due to

inaccurate estimation of the elastic modulus of the concrete.

‘Error (%)‘ |20

L— &0

Figure 5.84 Variation of error for E, with respect to (D /) x Jf, /E, and f,

As can be seen from Table 5-11and Figure 5.85, the computational results

exhibited a good correlation with M. The mean value of error is -6.3% and the standard

deviation is 12.1%. In the case of specimens having concrete strength below 40 MPa, the

error values are found to be consistently larger. No significant trend in the error values

can be seen with respect to (D /) x JITE .
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Table 5-11 Comparison of Computational and Experimental Results for an RCFT Beam under Pure Bending

Experimental Results Computational Results Error (%)
Specimen
Label E, M, K, E, M, K, E, M, K,
(kKN.m.mm) | (kN.m) | (kN.m.mm) | (kN.m.mm) | (kN) | ( kN.m.mm)
CB12" 2096108 68.8 26424.0 2901346 54.9 -19686.0 384 -20.2 -174.5
CB13* 1753030 74.2 64831.0 2870240 65.0 -18702.0 63.7 -12.4 -128.8
CB15" 1753030 71.2 47271.0 2851924 62.3 -99971.0 62.7 -12.5 -311.5
CB22% 3236364 150.0 118565.0 4118179 134.8 -58495.0 27.2 -10.1 -149.3
CB31% 11237374 207.6 64214.0 12119057 | 197.2 62489.0 7.8 -5.0 2.7
CB35% 11237374 204.5 58630.0 13254193 | 210.9 -97624.0 17.9 3.1 -266.5
CB41 11071340 281.3 252386.0 15801100 | 258.5 -0.1 42.7 -8.1 -100.0
CB45* 11091288 280.3 71898.0 15665686 | 246.0 | -220425.0 41.2 -12.2 -406.6
CB52% 5326404 145.7 153164.0 5576125 154.1 -262.9 4.7 5.8 -100.2
CB53% 3775758 143.9 82082.0 5427300 131.0 12976.0 437 -9.0 -84.2
CB55 3775758 142.4 97481.0 5487917 1245 | -169524.0 453 -12.6 | -273.9
Specimen E. M K, E. M K,
i o i o Ei Mo Kb
Label (kN.m/mm) | (kN.m) | (kN.m/mm) | (kN.m/mm) | (kN) | (kN.m/mm)

B02% 27.6 93.8 0.8 46.6 79.6 0.21 69.1 -15.1 -74.5
B04* 35.8 101.3 04 46.7 87.5 0.38 30.2 -13.6 -3.9
B1CSN* 74.8 338.7 0.0 109.2 301.8 0.77 46.1 -10.9 | 76800.0
B1DRN?* 123.1 594.5 0.0 234.0 455.3 0.69 90.2 -23.4 | 68780.0

Specimen E. M K, E. M K,
i o i o E[ Mo Kb
Label (kN.m/rad) | (kN.m) | (kN.m/rad) | (kN.m/rad) | (kN) | (kN.m/rad)
110" 4994.2 11.2 6.1 2893.8 13.8 21.24 421 | 23.1 | 246.8
[110°! 4082.3 14.7 10.1 3355.2 16.7 26.20 -17.8 134 158.7
voP! 4106.4 21.7 44.1 4330.6 23.2 35.08 5.5 7.1 -20.4
mean error 32.0 -6.3 7993.8
standard deviation of error 323 12.1 | 23613.7
median error 39.8 -10.5 -92.1
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Figure 5.85 Variation of error for M, with respect to (D /¢) x J/f, /E, and f.

The bounding stiffness values from the computational results exhibited a huge
dispersion. For two of the specimens, very high values of percent error are obtained,

which is due to the fact the experimental bounding stiffness is very close to zero.

5.6. Materially and Geometrically Nonlinear Proportionally-
Loaded RCFT Beam-Column Tests

Proportionally-loaded column tests are often conducted to investigate the
interaction of axial load and bending moment in RCFT columns (Bridge, 1976; Shakir-
Khalil and Mouli, 1990; Shakir-Khalil and Zeghiche, 1989; Shakir-Khalil, 1994; Chung
et al., 2001). As shown in Figure 5.86, pin-ended RCFT specimens are subjected to
eccentrically-applied axial loading. The eccentricity can be introduced either uniaxially
or biaxially by adjusting the inclination of the loading axis with respect to the strong axis

of the RCFT cross-section.

RCFT Column ® Loading Axis
P g \ — P R
_NE\ ______________________________ P e——
Qe
R LT s

Figure 5.86 RCFT Columns under Eccentric Axial Loading
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Two representative specimens were selected to analyze using the mixed-finite
element formulation. However, first, a mesh convergence study was conducted for the
specimen tested under uniaxial bending by varying the number of elements and
integration points. Figure 5.87 shows four sets of analysis results with different number
of finite elements and integration points. In the legend of Figure 5.87, the first number
designates the number of finite elements and the second number refers to the number of
integration points. 2 elements per member with 4 integration points and 8 elements with
6 integration points were decided to be the coarsest and the finest mesh densities,
respectively. The fiber discretization scheme was kept as constant with 4 fibers along the
depth and width of the concrete core and the steel tube. A single layer of fibers was
introduced around the perimeter of the steel tube. It was found that 6 finite elements with
4 integration points was an acceptable mesh density to produce consistent results and this
mesh density was employed for the rest of the analysis studies on eccentrically-loaded
RCFT columns. The slip at the element ends was restricted but it was allowed at the
nodes remaining between the supports. While incrementing the axial load, a constant
displacement arc length method was utilized (Yang and Kuo, 1994). The controlling
degree-of-freedom was selected to be the steel tube transverse displacement of the node
located at the mid-height. However, in the case of specimens tested under biaxial-
bending, generalized displacement control method is used to increment the axial loading
since the selection of the controlling degree-of-freedom was not obvious (Yang and Kuo,
1994).

Grauers (1993) conducted an experimental study on eccentrically-loaded square
RCFT columns. The specimens were subjected to uniaxial bending. The effect of
concrete strength on the interaction of axial load and bending moment was investigated.
The specimen designated as 13 was analyzed using the mixed finite element formulation.
As can be seen from Figure 5.88, a good correlation is evident between the computational
and experimental results. The initial stiffness and maximum axial load level is slightly
underestimated, which might be attributed to inaccurate estimation of modulus of

elasticity of concrete.
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The second specimen studied for verification of the mixed-finite element
formulation belongs to the experimental research by Shakir-Khalil and Zeghiche (1989).
Specimen 6 was tested under bi-axial bending. Due to its rectangular shape, it was
subjected to bending moments with respect to both weak and strong axis. The weak and
strong axis eccentricities were 16 mm and 40 mm, respectively. Therefore, the
inclination of the loading axes to the strong axis of the cross-section was 33.7°. The
comparison of experimental and computational results of Specimen 6 with respect to both
weak and strong axis is presented in Figure 5.89. It was found that the mixed finite
element formulation was able to simulate the experimental test with good accuracy.
Especially, good correlation was achieved for the initial stiffness. The comparison for
the maximum bending moment and bounding (post-peak) stiffness was found to be better

for the weak axis.
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Figure 5.87 Mesh-Convergence of Eccentrically-Loaded RCFT Columns
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Figure 5.88 Comparison of Computational and Experimental Results for an Eccentrically

Loaded RCFT Column Test (Grauers, 1993, Specimen 13)
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Figure 5.89 Comparison of Computational and Experimental Results for an Eccentrically

Loaded RCFT Column Test (Shakir-Khalil and Zeghiche 1989, Specimen 6)
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In addition to the specimens presented above, more verification studies were
performed on proportionally-loaded RCFT columns. Multiple specimens covering a
comprehensive range of material and geometric properties were selected from the
experimental database of Tort and Hajjar (2003). The specimens were classified with
respect to the boundary conditions and compressive strength of concrete. The right
superscripts “a” and “b” attached to the experimental label of the specimens denotes
uniaxial bending and biaxial bending, respectively. The distinction between the
specimens based on concrete strength was performed via right superscripts of “/” and “2”
attached to their experimental label, where “7” represents low strength concrete while
“2” identified high strength concrete. The computational load-deformation data of the
specimens was compared with that obtained during the experiments. Utilizing the results
of the mesh-convergence study, all the specimens were analyzed using 6 finite elements
per member with 4 integration points. The constant-displacement arc length method and
generalized displacement control method were utilized as limit point algorithms for the
specimens under uniaxial bending and biaxial bending, respectively (Yang and Kuo,
1994). The computational model employed in the analyses is described in Figure 5.90.
Pin-roller boundary conditions were assumed for all of the specimens. The eccentricity
was introduced through elastic steel beam elements attached to the RCFT column at the
ends. The slip between the steel tube and concrete core was restricted at the element ends

but no slip constraint is defined for the nodes located between the supports.

P P
Steel Strut
o
L @ / L L L
RCFT Column

Figure 5.90 Proportionally-Loaded RCFT Column Computational Model

The computational and experimental behavior of the eccentrically-loaded
specimens is presented in terms of axial load vs. mid-height deflection as can be seen
from Figure 5.91 through Figure 5.107. The summary of measured material and

geometric properties of the specimens can be found in Table 5-12.
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Table 5-12 Proportionally-Loaded RCFT Beam-Column Tests

Iy

f.

Specimen E, D B t e L
Label (MPa) | (MPa) | (MPa) | (mm) (mm) (mm) (mm) (mm)
14 210000 | 291.9 46.9 120.0 120.0 5.00 20.0 2895.6
24! 210000 | 420.3 46.2 120.0 120.0 5.00 20.0 2895.6
6! 210000 | 287.9 46.2 120.0 120.0 8.00 20.0 2895.6
74! 210000 | 360.7 46.9 120.0 120.0 8.00 20.0 2895.6
9 210000 | 364.1 102.7 120.0 120.0 8.00 20.0 2895.6
10“ 210000 | 364.1 39.3 120.0 120.0 8.00 20.0 2895.6
SHC1 205000 | 291.0 31.0 203.7 | 204.0 9.96 38.0 2130.0
38.0
SHC3" 205000 | 313.0 37.2 203.2 202.7 10.03 o=30° 2130.0
38.0
SHC4" 205000 | 317.0 39.2 202.7 | 203.5 9.88 o = 45° 2117.3
38.0
SHC5" 205000 | 319.0 44.3 203.2 | 202.7 10.01 o =30° 3050.0
64.0
SHC6" 205000 | 317.0 36.1 203.2 | 203.2 9.78 o =45° 3050.0
SHC7 205000 | 254.0 35.0 152.4 152.4 6.48 38.0 3050.0
SHC8 205000 | 254.0 35.0 152.4 152.4 6.48 38.0 3050.0
2! 205000 | 386.3 40.0 120.0 80.0 5.00 24.0 2760.0
34! 205000 | 384.7 40.0 120.0 80.0 4.47 24.0 2760.0
504 205000 | 343.3 43.0 80.0 120.0 4.47 24.0 2760.0
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Figure 5.91 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 1)
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Figure 5.92 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 2)
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Figure 5.93 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 6)
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Figure 5.94 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 7)
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Figure 5.95 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 9)

240



900
800 -
700 -
600 -

—— Experiment

500 -

— Analysis

400 ~

Axial Force (kN)

300 -
200 -
100 -

O T T T T

0.0 10.0 20.0 30.0 40.0 50.0
Mid-Height Deformation (mm)

Figure 5.96 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Grauers 1993, Specimen 10)
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Figure 5.97 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-1)
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Figure 5.98 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-3)
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Figure 5.99 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-4)
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Figure 5.100 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-5)
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Figure 5.101 Comparison of Computational and Experimental Results for an
Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-6)
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Figure 5.102 Comparison of Computational and Experimental Results for an
Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-7)
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Figure 5.103 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Bridge 1976, SHC-8)
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Figure 5.104 Comparison of Computational and Experimental Results for an
Eccentrically-Loaded RCFT Column (Shakir-Khalil and Zeghiche 1989, Specimen 2)
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Figure 5.105 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Shakir-Khalil and Zeghiche 1989, Specimen 3)
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Figure 5.106 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Shakir-Khalil and Zeghiche 1989, Specimen 5)
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Figure 5.107 Comparison of Computational and Experimental Results for an

Eccentrically-Loaded RCFT Column (Shakir-Khalil and Zeghiche 1989, Specimen 7)
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In addition to the graphical presentation of the computational and experimental
results, an error analysis was conducted on the key quantities sufficient to define the
load-deformation curve of the specimens including peak axial load ( P,), initial stiffness
( E,), and bounding stiffness ( K, ). The numerical values of the aforementioned
parameters together with the associated percent errors are given in Table 5-13. The
specimens in Group 2 with high strength concrete exhibited very good correlation with
the experimental response parameters. The largest error was less than 25%, which was
obtained while estimating £, . The performance in predicting the response parameters for
the specimens in Group a, which were tested under uniaxial bending, was better
compared to the Group b specimens, which experienced biaxial bending. For the

majority of the specimens in Table 5-13, the error values determined for P, and E, were
smaller than that determined for K, . For some of the specimens, very large error values
were calculated for K, and this was attributed to fact that for those specimens the

experimental K, values are close to zero.

5.7. Materially and Geometrically Nonlinear Non-
Proportionally-Loaded RCFT Beam-Column Tests

Constant axial load and monotonically increasing bending moment represents the
loading conditions of column members in moment frame structures. Since the force
components are incremented in different proportions, this type of loading scheme is also
known as non-proportional loading. There exist several tests on RCFT members in the
literature to understand their response under non-proportional loading (Tomii and Sakino,
1979; Nakahara and Sakino, 1998; Varma 2000). These tests are often conducted on
simply supported members. The constant axial load is first applied and then the bending
moment is introduced at each end putting the member into single curvature as shown in

Figure 5.108.
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Table 5-13 Comparison of Computational and Experimental Results for an Eccentrically-Loaded RCFT Beam-Column Tests

Experimental Results Computational Results |[Error| (%)
Specimen E, P, K, E; F, K,

Label | (kN/mm) (kN) (kKN/mm) | (kN/mm) | (kN) | (kN/mm) E; F, K,
14/ 54.7 610 -1.8 50.6 606.6 -2.6 7.5 0.6 44 .4
24! 63.6 700 2.3 61.7 706.2 -3.1 3.0 0.9 34.8
6 81.3 770 -3.4 59.1 769.6 -3.5 27.3 0.1 2.9
74! 69.8 870 -3.7 70.9 842.3 -3.5 1.6 3.2 5.4
942 72.2 1000 -1.9 74.3 914.1 2.2 2.9 8.6 15.8
10/ 73.4 820 -3.4 69.2 835.9 -3.8 5.7 1.9 11.8
13+ 163.4 1160 -4.5 123.1 1112.1 -4.4 24.7 4.1 2.2

SHC1% 560 1956 -5.7 436.6 2169.1 -6.9 22.0 10.9 21.1
SHC3”! 550.9 2180 -1.1 512.3 2382.3 -7.1 7.0 9.3 545.5
SHC4”! 563.2 2162 -14.9 515.6 24359 -9.3 8.5 12.7 37.6
SHC5" 249 2037 -10.1 263.8 | 22585 -5.1 5.9 10.9 49.5
SHC6"! 153.6 1623 -8.6 156.7 1696.7 -3.1 2.0 4.5 64.0
SHC7 72.5 680 -5 63.4 739.3 -3.2 12.6 8.7 36.0
SHC8" 44.1 513 -2.5 39.2 580.9 -2.3 11.1 13.2 8.0
24! 43 393 -2.8 38.6 424.2 -0.9 10.2 7.9 67.9
30 14.7 232 -0.5 14.9 275.6 -0.6 1.4 18.8 20.0
524 11.3 210 na 10.7 224.8 -1 53 7.0 NA
6" 48.2,19.5 256,275 04,13 65.1,23.9 | 299.0 2.6,1.9 35.2,22.6 16.8,8.7 | 585.2,49.1
7! 15.7,6.7 | 162.5,162.5 1.5,0.9 25.7,9.4 191.9 1.8, 1.0 63.3,40.1 | 18.1,18.1 18.8,7.2
mean error 15.2 8.8 81.4
standard deviation of error 15.8 6.0 166.8
median error 8.5 8.7 28.0
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l/ RCFT Beam-Column

Figure 5.108 RCFT Beam-Column under Non-Proportional Loading

The analysis of non-proportionally-loaded RCFT members is considered to be
critical in order to assess the ability of the mixed finite element formulation when the
material fibers experience strain reversals. A mesh-convergence study was first
performed to determine the finite element resolution producing consistent results. A
representative specimen was analyzed by varying number of elements and integration
points. A total number of 8 material fibers along the depth and width of the concrete core
and the steel tube were defined. A single layer of material fibers was introduced around
the perimeter of the steel tube. The results of the mesh convergence study are given in
Figure 5.109 as moment vs. end rotation response. In the legend of Figure 5.109, the first
number indicates the number of finite elements while the second number denotes the
number of integration point. It can be seen that the computational load-deformation plots
do not deviate from each other significantly as the mesh size gets smaller. This
observation is due to the fact that the inelastic curvatures are accurately estimated by the
mixed finite element formulation. In addition, the effect of geometric nonlinearity is
reduced as the slenderness of the RCFT member ( L/ D) is small. Therefore, utilizing 2
elements with 4 integration points was adopted as the mesh size to be used in the analysis
of non-proportionally load RCFT beam-columns. The constant displacement arc-length
method with full Newton-Raphson solution algorithm was adopted in the analysis model
(Yang and Kuo, 1994). The controlling degree-of-freedom was selected as the in-plane

rotation defined at the end of the RCFT beam-column with roller support.
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Figure 5.109 Mesh-Convergence of Non-Proportionally-Loaded RCFT Columns

Two specimens representing the typical load-deformation response of RCFT
columns under non-proportional loading were analyzed using the mixed finite element
formulation. The first specimen was tested by Tomii and Sakino (1979). The
experimental response exhibited approximately an elastic-plastic response without any
significant strength deterioration. The computational and experimental load-deformation
behavior is presented in Figure 5.110. There was a very good agreement between two
sets of data in initial and post-peak stiffness. The computational peak moment value was
slightly larger than its experimental value. This discrepancy might be due to
overestimation of the gradient in yield strength of the steel tube due to the cold-forming
process.

The next specimen analyzed using the mixed finite element formulation was
selected from the experimental study by Nakahara and Sakino (1998). A softening type
of load-deformation response was observed during the test. As can be seen in Figure
5.111, excellent correlation was achieved in all significant response parameters such
initial stiffness, post-peak stiffness, and peak moment values. In Figure 5.111, the
moment-rotation response was presented for the steel tube and the concrete core,
independently. This data was determined from the moment-curvature response of the

cross-section located at the mid-length of the RCFT beam-column. The curvature was
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multiplied with the depth of the RCFT cross-section to obtain the moment-rotation
response. It was found that the deterioration in strength following the attainment of the
peak moment was due to crushing of concrete. The contribution of the concrete core to

the moment capacity of the RCFT beam-column was determined to be approximately

40%.
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Figure 5.110 Comparison of Computational and Experimental Results for a Non-
Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen II1-3)

The breadth of the verification study was increased by analyzing several
specimens from the experimental database by Tort and Hajjar (2003). The analyses were
conducted with a mesh density of 2 elements with 4 integration points. The constant
displacement arc-length algorithm with full-Newton-Raphson solution method was
utilized (Yang and Kuo, 1994). It was aimed to cover a comprehensive range of material
and geometric properties while selecting the RCFT specimens. In Table 5-14, the
analyzed specimens are described by documenting their measured geometric and material
properties. The specimens were examined in two groups with respect the range of
material strengths. Groupl consisted of specimens having low strength materials while
Group 2 cover the specimens constructed using high strength materials. The right
superscripts of “/”” and “2” were attached to the labeling of the specimens to identify

their classification with respect to the material strength.
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Figure 5.111 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Nakahara and Sakino, 1998, Specimen

BR4-6-10-02)

Table 5-14 Proportionally-Loaded RCFT Beam-Column Tests

Specimen E; fy /e D B t L
Label (MPa) | MPa) | (MPa) | (mm) | (mm) | (mm) | P/ P, | (mm)
-1/ 210915 | 2894 | 206 | 1001 | 1001 | 2.97 0.1 300
-2’ 210915 | 2884 | 206 | 1001 | 1001 | 297 0.2 300
114’ 206010 | 2884 | 206 | 1001 | 100.1 | 3.00 0.4 300
1115’ 206010 | 2884 | 206 | 1001 | 1001 | 3.00 0.5 300
111-6' 206009 | 2884 | 206 | 1001 | 100.1 | 3.00 0.6 300

BR4-6-10-04° | 209001 | 3100 | 119.0 | 2000 | 2000 | 6.17 04 600
BR8-6-10-02° | 212001 | 7812 | 119.0 | 2000 | 2000 | 6.39 0.2 600
BC32-80-20° | 197000 | 600.0 | 1100 | 3053 | 3053 | 8.90 0.2 1500
BC32-80-40° | 197000 | 600.0 | 1100 | 3053 | 3053 | 8.90 0.4 1500
BC-32-46-20° | 196997 | 269.0 | 1100 | 3053 | 3053 | 8.60 0.2 1500
BC32-46-40° | 196997 | 269.0 | 1100 | 3053 | 3053 | 8.60 0.4 1500
BC48-46-20° | 204002 | 4710 | 1100 | 3053 | 3053 | 5.79 0.2 1500

Figure 5.109 through 5.130 illustrate the comparison of experimental and

computational load-deformation response of the specimens. The computational results

were presented for the steel tube and the concrete independently, where appropriate.
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Figure 5.112 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen III-1)
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Figure 5.113 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen I1I-2)
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Figure 5.114 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen I11-4)
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Figure 5.115 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen III-5)
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Figure 5.116 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Tomii and Sakino, 1979, Specimen II1-6)
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Figure 5.117 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Nakahara and Sakino, 1998, Specimen

BR4-6-10-04)
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Figure 5.118 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Nakahara and Sakino, 1998, Specimen

BR8-6-10-02)
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Figure 5.119 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-80-20)
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Figure 5.120 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-80-20)
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Figure 5.121 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-80-40)
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Figure 5.122 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-80-40)
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Figure 5.123 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-46-20)
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Figure 5.124 Comparison of Computational and Experimental Results for a Non-
Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-46-20)
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Figure 5.125 Comparison of Computational and Experimental Results for a Non-
Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC32-46-40)
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Figure 5.126 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC48-46-20)
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Figure 5.127 Comparison of Computational and Experimental Results for a Non-

Proportionally-Loaded RCFT Beam-Column (Varma, 2000, Specimen BC48-46-20)
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The experimental and computational results achieved excellent correlation for
specimens with wide ranges of material and geometric properties. A detailed error
analysis of the results is presented in Table 5-15, where the computational and

experimental values for the response parameters of initial stiffness ( £, ), peak moment

(M), and bounding stiffness ( K, ) are compared. The degree of correlation for £, and
M  were found to be similar for both Group 1 and Group 2 specimens. However, very
large error values of K, were obtained for some of the Group | specimens, which is

attributed to fact that those specimens exhibit approximately an elastic-perfectly plastic

response with small K, values.

5.8. Materially and Geometrically Nonlinear Cyclically-Loaded
RCFT Beam-Column Tests

The accuracy of the mixed-finite element formulation in simulating RCFT
members under quasi-statically applied cyclic loading is studied in this section. These
tests provide useful information about the load-path dependency characteristics of these
composite structural systems.

The computational model to analyze RCFT members in a configuration that is
typical of many of the cyclic tests is illustrated in Figure 5.128. A displacement-
controlled algorithm was utilized to trace the nonlinear cyclic load-deformation response.
This is achieved by defining displacement constraints for the controlling node of the
structural model in the direction of the applied loading. First, the constant axial load is
applied monotonically and then the specimens are subjected to a cyclic lateral
displacement history. The current mixed finite element formulation was developed such
that the loads are only applied to the steel degrees of freedom. Therefore, it is those
degree-of-freedoms of the controlling node, where displacement histories are imposed.

The specimen by Sakino and Tomii (1981) is presented here first. The loading
scheme shown in Figure 5.128 was introduced, where the specimen experienced double
curvature under constant axial load and cyclic shear force. The analysis was conducted
until a drift ratio of 2.5% is reached. Two elements with 3 integration points each were

utilized to model the RCFT column. A total number of 10 material fibers were
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Table 5-15 Comparison of Computational and Experimental Results for Non-Proportionally-Loaded RCFT Beam-Column

Tests
Experimental Results Computational Results |[Error| (%)
Specimen E; M, K, E, M, Ky E, M, K,
Label (kN.m/rad) (kKN.m) (kN.m/rad) | (kN.m/rad) (kN.m) ( kN.m/rad)

I-1! 2769 14.7 10.1 3280 17.4 16.0 18.5 18.4 58.8
1-2! 3138 15.1 1.6 3375 17.0 15.1 7.6 12.5 869.7
I1-3! 3092 14.5 -1.8 3279 15.7 12.8 6.1 8.3 803.6
I11-4' 3218 13.4 70.0 3236 14.6 7.2 0.6 9.0 89.7
11-5' 3347 12.3 116.5 3193 13.3 18.9 4.6 7.5 83.8
1-6" 2864 10.9 113.0 3193 114 51.1 11.5 3.9 54.8
BR4-6-10-022 64935 194.0 -946.4 71912 189.6 -724.9 10.7 2.3 234

BR4-6-10-04> 61486 165.7 -2797.8 70198 180.6 -2961.1 14.2 9.0 5.8
BR8-6-10-02> 65000 328.0 -2329.8 72688 326.3 -2062.1 11.8 0.5 11.5
BC32-80-20? 61320 915.7 -1743.1 65919 940.9 -4311.9 7.5 2.7 147.4
BC32-80-40? 59288 796.1 -14219.0 74667 814.0 -934.7 25.9 2.3 934
BC-32-46-207 62377 602.9 -1799.0 73254 599.4 -2178.4 17.4 0.6 21.1

BC32-46-40> 56673 526.3 -9639.5 73182 584.5 -9249.1 29.1 11.1 4.1

BC48-46-20> 42719 582.4 -2276.0 65526 573.7 -2362.0 53.4 1.5 3.8
mean error 15.6 6.4 162.2
standard deviation of error 13.5 5.3 289.2

median error 11.7 5.7 56.8
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defined along the depth of the cross-section as shown in Figure 5.129. The comparison
of computational and experimental response is illustrated in Figure 5.130. Very good
correlation with respect to the maximum shear forces and the evolution of the stiffness
were achieved. However, the computational results slightly underestimated strength
degradation throughout the loading history, which is attributed to the discrepancy
between computational experimental values of the rate of reduction of the bounding
surface. Figure 5.131 shows the typical stress-strain response experienced by concrete

and steel fibers located at the fixed-end of the specimen.
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Figure 5.128 Computational Modelling of Cyclically-Loaded RCFT Beam-Column Tests
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Figure 5.129 Fiber Discretization of RCFT Cross-Section
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Figure 5.130 Comparison of Computational and Experimental Results for a Cyclically-
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Figure 5.131 Stress-Strain Response of Steel and Concrete Fibers (Sakino and Tomii,
1981)

264



The RCFT beam-column specimen SR6A4C by Inai et al. (2004) was analyzed
using the mixed finite element formulation. The specimen was tested under constant
axial load and cyclic shear loading putting the member into double curvature as described
in Figure 5.128. The same mesh size was used as Specimen CIIS3-3 presented above.
The comparisons of the experimental and computational results are shown in Figure
5.132. Specimen SR6A4C exhibited very good correlation with the experimental results
except that the maximum moment capacity was slightly underestimated, which might be
attributed to the discrepancy in the experimental and computational values of the initial
size of the bounding surface or the rate of increase in size of the bounding surface until
the initiation of local buckling. Figure 5.130 shows the typical stress-strain response

experienced by concrete and steel fibers located at the fixed-end of the specimen.

D= B=210 mm, = 9.0 mm

4= 590 MPa, f.=40.0 Mpa |

300 4 L=1260 mm, P/P,= 04%/4{;4:5}—_: ,
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. 200 /

g

Z 100 - /
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£ -100 -

= -200 A
-300 - — Analysis
-400 4 Experiment
-500 T T T T T

-0.06 -0.04 -0.02 0 0.02 0.04 0.06 0.08
Chord Rotation

Figure 5.132 Comparison of Computational and Experimental Results for a Cyclically-
Loaded RCFT Beam-Column (Inai et al., 2004, Specimen SR6A4C)

The performance of the mixed-finite element formulation under 3D loading
conditions was examined by analyzing the cruciform RCFT frame tested by Kawaguchi
and Morino (2001) as shown in Figure 5.134. A simply supported RCFT column is
framed by in-plane and out-of-plane steel girders. The in-plane steel girders are

subjected to cyclic shear loading applied at their ends. A displacement-controlled
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loading scheme was created by introducing axial forces to the steel struts attached to the

ends of the steel girders so that a deformation pattern identical to the experiment was

obtained. The effect of gravity loading was represented by applying constant forces to

the end of the out-of-plane steel girder and to the top of the RCFT column. The RCFT

column and the in-plane steel girders were modeled with 3 elements and 4 integration

points. The connection and girders in the specimen were designed to remain elastic. The

computational model adopted to perform the analysis can be seen in Figure 5.135. The

number of material fibers along the depth was decided as 10 for both the RCFT column

and steel girders. The cross-section discretization scheme, illustrating the geometric

location and properties of the material fibers, is shown in Figure 5.136.
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Figure 5.133 Stress-Strain Response of Steel and Concrete Fibers (Inai et al., 2004)

The comparison of the experimental and computational results is presented in

Figure 5.137 in the form of shear force vs. chord rotation response. The shear force was

calculated as the average of the shear forces of the in-plane steel girders. The chord

rotation was obtained using the response of the 9™ and 12" nodes of the frame, matching

the location of the measurements in the experiments. It was calculated as the ratio of the

summation of shear displacements along the z axes divided by the distance between the
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nodes. Excellent correlation was achieved with respect to the lateral stiffness of the

frame. However, the computational results slightly underestimated the experimental peak

shear load, where the largest error was obtained as 20% at a chord rotation level of -0.03.

This discrepancy is mainly attributed to the mismatch in the experimental and

computational values of initial bounding surface of the steel tube.
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Steel Girder

RCFT Column :
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fy =395 MPa
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125%9 mm (flange)
231x6 mm (web)
f» =400 MPa

_ B T
2260 mm

«— Steel Girder
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Figure 5.134 Cyclically-Loaded RCFT Cruciform Frame (Kawaguchi and Morino, 2001)
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Figure 5.135 Computational Modeling of Cyclically-Loaded RCFT Cruciform Frame
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Figure 5.137 Comparison of Computational and Experimental Results for a Cyclically-
Loaded RCFT Cruciform Frame (Kawaguchi and Morino, 2001)

The distribution of the damage was investigated based on the stress-strain
response of material fibers over the cross-sections located at the integration points along
the RCFT column and steel girders. Figure 5.138 through Figure 5.143 shows the stress-
strain response monitored at key locations of the cruciform frame. At each integration
point, several material fibers along the depth of the cross-section were studied. The
material fibers at the mid-height of the RCFT column experienced significant cracking
and crushing of the concrete fibers. The steel tube material fibers underwent yielding in
both tension and compression. Local buckling was also observed. However, no strength
degradation took place since the RCFT column has a small D/t ratio of 22. As can be
seen in Figure 5.144 and Figure 5.145, the material fibers of the steel girders were found
to exhibit a linear response.
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Figure 5.138 Stress-Strain Response of Concrete Fibers (Kawaguchi and Morino, 2001)
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Figure 5.140 Stress-Strain Response of Concrete Fibers (Kawaguchi and Morino, 2001)
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Figure 5.145 Stress-Strain Response of Steel Fibers (Kawaguchi and Morino, 2001)
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The portal frame specimen, 21C30C, with RCFT columns and a steel girder by
Kawaguchi (2000), shown in Figure 5.146, was also analyzed. The analysis was
conducted under constant axial load and cyclic shear loading. The shear loading was
applied at the supports, putting the columns into double curvature. A displacement-
controlled loading scheme was utilized by introducing the shear loading into steel struts
having large axial and flexural stiffness. The steel struts were attached to the supports of
the RCFT columns. Three elements per member with 4 integration points were defined
in the analysis model. The number of material fibers along the depth was 8 and 10 for

the RCFT columns and steel girder, respectively.

iy 1500 mm - RCFT Column :
I @ D=B=125.23 mm
l 1= 5.80 mm
@ X ¢ ° £.=17.9 MPa
/ £,= 404 MPa
P/P,=0.30
Steel Girder @ Steel Girder :
@ ? * d=149.20 mm
b,=125.52 mm
1000 mm  RCFT Columns ?f’f: 5457 mm

t,=15.00
@ ! /Steel Strut @ Jy=404 Mglam
Ogs R

Figure 5.146 Computational Modeling of Cyclically-Loaded RCFT Portal Frame

?
é

Figure 5.147 illustrates the computational and experimental load-deformation
response of the specimen. Accurate correlation is evident between the two sets of data
where the stiffness of the specimen is well predicted throughout entire loading history.
However, the computational results underestimate the peak lateral load value and a
maximum error of 18% is obtained. The discrepancy is mainly attributed to the
difference in computational and experimental values of the bounding surface radius and
the rate of increase in bounding surface radius prior to local buckling, which leads to
initiation of inelastic response earlier due to underestimation of the bounding surface

parameters in the steel constitutive model.
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The damage experienced by structural members was investigated by documenting
the stress-strain response of several material fibers along the depth of the cross-sections.
The cross-sections were selected at the critical points along the specimen lengths. As can
be seen in Figure 5.148 through Figure 5.157, the material fibers of the RCFT cross-
sections located close to the supports experience significant damage in the form of
concrete crushing, concrete cracking, yielding, and local buckling. On the other hand, the
material fibers of the cross-sections located at the mid-height of the RCFT columns
exhibited less damage due to the fact that the columns underwent double curvature with
inflection points located approximately at the mid-height. Due to the small D/ ¢ ratio of
the RCFT columns, local buckling did not cause any strength degradation. Figure 5.158
and Figure 5.159 illustrate that the material fibers of the steel girders remained elastic

throughout the loading history.
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Figure 5.147 Comparison of Computational and Experimental Results for a Cyclically-
Loaded RCFT Cruciform Frame (Kawaguchi and Morino, 2001)
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279



.
.
|
’
.
%
|
.
O

i

RN
6 4
;‘? -0.02 -0.0 0.01 0.02 E-0.0 0003
2 2
g 12/ 2
: (1 Z
Strain Strain
Figure 5.152 Stress-Strain Response of Concrete Fibers (Kawaguchi, 2000)
y
X
. M . .
SR e
600 200
E 20077 E T T 0 T
S S
= : : : »-0.0015 -0.001 -0.00Q ) 0.0005 0.001
8. . £ -100
= 0.03 0,02 01_2 0 /01 02 1| &
-200 A
Q)
-600 e
Strain Strain

Figure 5.153 Stress-Strain Response of Steel Fibers (Kawaguchi, 2000)
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5.9. Materially Linear and Geometrically Nonlinear
Dynamically-Loaded RCFT Beam-Column Tests

The performance of the mixed finite element formulation under dynamic loads
was investigated by analyzing materially linear and geometrically nonlinear benchmark
problems from the literature. The first study consists of a clamped beam subjected to a
step loading. The description of the beam is given in Figure 5.160 along with the
geometric and material properties. The computational model was constructed by defining
10 elements and 4 integration points. The number of elements was kept as the same in
the published results by Hsiao and Jang (1989). The time step size was chosen as 50
usec. The mass of the beam was assumed to be lumped at the nodal points and only the
steel tube degrees-of-freedom were associated with masses, which was consistent with
the static loading, where the applied loads are introduced to the steel tube degrees-of-
freedom. The damping of the beam was taken as zero. The stiffness of the composite
section was shared equally between the steel tube and the concrete core. The Newmark-/43
(y=0.5, p=0.25) time integration scheme was utilized to solve for the equation of
motion. The computational results from the mixed finite element formulation were
compared to the results given by Hsiao and Jang (1989) in Figure 5.161and excellent

agreement was achieved.
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Figure 5.160 Clamped Beam Subjected to Step Loading
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Figure 5.161 Dynamic Response of Clamped Beam Subjected to Step Loading

The second dynamic benchmark problem is a cantilever beam subjected to a
concentrated end loading as shown in Figure 5.162. The beam first undergoes an end
loading of finite duration, and then experiences free vibration. The mass of the beam was
assumed to be lumped at the nodal points and only the steel degrees-of-freedom were
associated with masses. A damping coefficient («) of 0.10 was introduced when the
beam undergoes free vibration. The stiffness of the composite section was distributed
equally to the steel tube and the concrete core. The analysis model was constructed by
defining 4 elements and 4 integration points. The time step size was selected as 0.05.
The Newmark (y = 0.5, f = 0.25) time integration scheme was utilized to solve for the
equation of motion (Chopra, 1995). Figure 5.163 shows the load-deformation results
from the mixed finite element formulation and the study by Hsiao and Jang (1989).

Excellent correlation is evident between the two sets of data.
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Figure 5.162 Cantilever Beam Subjected to End Loading
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Figure 5.163 Dynamic Response of Cantilever Beam Subjected to End Loading

5.10. Materially Linear and Geometrically Nonlinear
Dynamically-Loaded RCFT Beam-Column Tests

The ability of the mixed-finite element formulation in simulating the materially
and geometrically nonlinear response of RCFT structures under seismic forces was
studied based on the experimental study by Herrera (2005). Herrera (2005) conducted a
test on an approximately half scale, two bay-four story RCFT frame. As described in
Figure 5.164, in addition to the four stories above ground, the RCFT frame also had a
basement-level. The test was run using pseudo-dynamic testing method, where the
dynamic equation of motion is solved numerically at each time step to determine the
displacement imposed on the structure. In the equation of motion, the mass and damping
matrices of the structure were defined computationally while the internal element forces
were determined experimentally. The P-A effects were represented through
computationally defined leaning columns. The loading was applied to the structure

through the loading beams attached to the mid-points of the steel girders. The frame was
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free of slab but its effect on the structural response was accounted for by the loading
beams. In the analysis model, the number of elements was determined according to the
instrumentation plan of the structure, where a total number 90 RCFT elements and 100
steel beam elements were defined The loading beams and rigid links were modeled with
elastic beam elements with large stiffness values. The leaner column was modeled as a
geometrically and materially nonlinear steel beam-column and its cross-sections stiffness
values were determined as the summation of the cross-section stiffness values of the
columns in a single story. The mass of the building was lumped on the nodes along the
leaning column. A stiffness and mass proportional damping was assumed with 2%
viscous damping having proportionality factors of 0.154667 and 0.001194 for the

stiffness and mass matrices, respectively.
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Figure 5.164 RCFT Test Structure by Herrera (2005)

The experiment was conducted under different hazard levels. First, the structure
was loaded according to the Northridge Canoga Park (1994) ground motion record that is
scaled to the design basis earthquake level. Then, the structure is straightened and the
experiment was conducted on the same structure with the Northridge Canoga Park (1994)
ground motion record that is scaled the maximum considered earthquake level. The finite
element analysis of the structure was performed by first applying the design basis

earthquake loading and then subjecting the structure to the maximum considered
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earthquake loading. In order to simulate the effect of connections, in the analysis model,

rigid links were introduced to the end of the steel girders. The sizes of these links were

determined based on the connection dimension of the structure.
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Figure 5.166 show the computational and experimental roof-drift time history

results corresponding to the design level and maximum considered earthquake loadings,
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respectively. The results for the maximum considered earthquake were produced by
subtracting residual drift at the end of the design level earthquake loading. For both sets
of results good agreement was attained with experimental data. However, under
maximum considered earthquake loading, the residual drift was overestimated, which
might be due the fact the analysis following the design basis earthquake loading was
performed without any straightening applied to the structure that might lead to excessive
residual deformations. Figure 5.167—Figure 5.170 exhibit story shear vs. drift result for
the 1% and 2™ story of the test structure. It can be seen that the experimental shear force
levels were successfully predicted by the analysis model. There exist some discrepancy
in the deformation demand values which might be attributed to the factors that the
analysis model could not capture adequately including flexibility of the connections and

variation damping across different structural members.
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5.11. Materially and Geometrically Nonlinear Monotonically-
Loaded Steel Girders

In order to verify the local buckling characteristic of steel girders, a total number

of 5 specimens were studied by Lukey and Adams (1969). The geometric and material

properties of these specimens are summarized in Table 5-16. The specimens were

analyzed using the mixed finite element formulation adopting a model as described in

Figure 5.171, where steel girder is loaded under three point bending. The computational

and experimental results are presented in Figure 5.172 through Figure 5.176 and excellent

correlation can be noticed between two sets of data.

Table 5-16 Geometric and Material Properties of Specimens to Verify the Steel Model

d bf ’ Iy Ly fyf fvw K sg
Specimen | (mm) | (mm) | (mm) | (mm) | (MPa) | (MPa) Il L, A esibs (MPa)
Bl 200.2 | 102.6 | 5.3 44 | 373.0 | 396.5 | 0419 | 1.899 | 1.945 | -0.0159 | -1103.2
B3 200.2 | 86.1 53 44 | 373.0 | 396.5 | 0352 | 1.899 | 1.932 | -0.0263 | -897.6
B4 200.2 | 94.0 53 44 | 373.0 | 396.5 | 0.384 | 1.899 | 1.938 | -0.0181 | -1047.7
C3 2504 | 85.9 53 4.6 | 3732 | 352.0 | 0353 | 2.190 | 2.218 | -0.0159 | -1103.2
C5 2504 | 89.9 5.3 4.6 | 3732 | 352.0 | 0369 | 2.190 | 2.221 | -0.0159 | -1103.2
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5.12. Materially and Geometrically Nonlinear Cyclically-
Loaded Steel Girders

The final verification study was performed to tests the performance of the mixed
finite element formulation in simulating the cyclically loaded steel girders experiencing
local buckling damage state. The steel girder subassembly by Kim et al. (2002) was
studied as shown in Figure 5.177. A computational model of the test-setup was prepared
using the mixed finite element formulation. The column (W24x76) was defined with 4
finite elements while the girder (W30x99) was modeled with 3 elements per member.
The number of integration points was selected as 3 and a total number of 10 material
fibers were defined for the steel cross-section as shown in Figure 5.136. A good
correlation was achieved between the experimental and computational results as can be

seen Figure 5.178.

AT O W24x76
34m 1
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/ Section Flange Web
fy(MPa)  f, (MPa)  f,(MPa)  f, (MPa)
Yy _ O W30x99 369 493 427 528
O W24x76 350 503 386 497

Figure 5.177 Test Setup for RC03 (Kim et al., 2002)
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Chapter 6

6. Seismic Demand Evaluation of RCFT Frames

6.1. Introduction

The effects of earthquake induced forces on structures in the forms of energy,
force, and deformation, and other structural response parameters are often termed as
seismic demand. Within a performance-based design framework, seismic demand
evaluation is critical for understanding the typical inelastic characteristics of structures
and it sheds light on the significance of the limit states, progression of damage, and
coupling of the global and local response. Seismic demand evaluation is often conducted
by analyzing multiple structures under a series of seismic loading having various
intensities. The information obtained from these analyses can be used to establish a
relation between structural response parameters and the intensity of the hazard level.
Knowledge about the load and deformation levels likely to be experienced by the RCFT
frames thus provides guidance to engineers in design decisions to satisfy the targeted
performance objectives. In addition, the dispersion in the structural response parameters
helps quantify the uncertainties and randomness in the demand evaluation process. The
quantified expressions of uncertainty and randomness are often introduced as demand
factors in the design provisions.

The chapter reports the results of demand analysis of RCFT frames through
nonlinear time history analyses. Three-story and nine-story frame structures were
analyzed under a suite earthquake records representing 2% in 50 year, 10% in 50 year,
and 50% in 50 year hazard levels. The results are presented in terms of structural
response parameters describing the structural response with a focus on considering the
composite interaction observed in RCFT frames. The statistical measures of the
structural response are discussed. Through these examples, a general methodology for

characterizing demand within RCFTs at several local and global levels is presented.
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6.2. Selection of Ground Motion Records

The selection of earthquake records representing the targeted hazard level is an
important step in seismic demand analysis that affects the scatter in the structural
response parameters from nonlinear time history analysis. Therefore, the number and
type of the records should be chosen in a way that the record-to-record variability of the
structural response is reduced. This can be achieved by performing the selection process
based on ground motion parameters that have adequate representation of the intensity,
frequency content, and duration properties since they significantly affect the inelastic
behavior of structures. However, the derivation of such a comprehensive parameter is
challenging since it is often dependent on the structural system and the performance level
being evaluated (Krawinkler et al., 2003).

In seismic design provisions, earthquake loading is often represented in the form
of an acceleration spectrum derived for a single degree-of-freedom system. The shape
and amplitude of the acceleration spectra define the ground motion characteristics
corresponding to the desired hazard level. In this research study, the spectral acceleration

value at the fundamental period of the structure (.S, ) will be used as the primary ground
motion parameter while selecting the earthquake records. Despite the fact that S_ alone is

not the governing parameter to affect the seismic demand, the biases in the demand
evaluation that can be generated due to the ignorance of the frequency content and
duration can be reduced by selecting the earthquake records from a narrow band of
magnitude and distance pairs (Krawinkler et al., 2003; Bommer and Acevedo, 2004).
There exist three different sources where ground motion records are available to
the engineers. Artificial ground motion records are generated through deriving a power
spectral function from the acceleration spectrum and then developing sinusoidal signals
with random phase angles and amplitudes. Integrating these signals and performing
iterative operations produces ground motion records exhibiting a very close match with
the acceleration spectrum given in the design provisions. However, the use of artificial
ground motion records is often not recommended due to their common high frequency

content with excessive number of cycles (Bommer and Acevedo, 2004). Alternative to
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artificial ground motion records, synthetic ground motion records can be derived from
advanced seismological models. Despite their comprehensiveness in accounting for a
large number seismological parameters (e.g., path, site effects), the use of synthetic
ground motion records requires significant expertise in seismology (Bommer and
Acevedo, 2004). The last category of ground motion records are obtained from past
earthquakes around the world. The current databases compiled at several earthquake
research institutes offer detailed search options with respect to an array of characteristics
of past earthquakes. In this research study, the demand evaluation will be performed
using real earthquake records. A single database will be utilized to obtain the records so
that a uniform processing of the records will be ensured.

The earthquake records can be categorized as near-field and far-field with respect
to their location to the active fault. The near field earthquake records exhibit distinct
directivity effects creating a high energy demand for the structures in the form a pulse-
type motion. The near-fault earthquake records often have a large intensity level that
breach the acceleration spectrum available in the design codes. In this research study, the
near fault earthquake records will be eliminated while conducting the seismic demand
analysis and only far-field earthquake records will be considered. This approach works
well for western US earthquakes since the extent of damage targeted in performance-base
design provisions are relevant for far-filed earthquake records (Krawinkler et al., 2003).

The ground motion is subjected to amplification or deamplification as it
propagates through the soil strata. The rigidity of the soil layer underlying the structures
affects the intensity of the ground motions. This necessitates including site classification
as a parameter while choosing the earthquake records for demand evaluation. It was
assumed that the buildings considered in this study are located on stiff soil conditions.

Medina (2002) collected a total number 40 earthquake records from the PEER
strong motion database, which were all recorded on NEHRP Site Class D soil. The
magnitude and distance pair of the records were identified as Large Magnitude Small
Distance without any pulse-type near-field characteristics. The earthquake records used

in this research study came from set provided by Medina (2002).
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The scaling of the earthquake records to match the design acceleration spectrum

was performed based on spectral acceleration (.S, ) to minimize the difference between

design and median spectra for the first mode period of the structure. The records with a
scale factor greater than 4 were eliminated since large scaling reduces the advantage of
using real records and also weak records scaled to a higher level may produce lower
demands than unscaled records (Shome et al., 1998; Bommer and Acevedo, 2004;
Iervolino, 2004). The number of earthquake records was further reduced based on the
study by Shome et al. (1998), where it was concluded that “the scaling of records within a
bin to the bin median spectral acceleration produces unbiased estimates of the nonlinear

response median”. The earthquake records were selected in a manner that the S, on the
median spectrum (S") attains a value close to the target S, on the design response

spectrum (S¢) as shown in Figure 6.1.
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Figure 6.1 Selection of Earthquake Records

6.2. Seismic Response of RCFT Frames
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Multiple three-story RCFT frame structures were subjected to earthquake records
representing 2% probability of exceedence in 50 years termed as “2%/50” and to
earthquake records with 10% probability of exceedence in 50 years termed as “10%/50”.
The structures were designed in three-dimensions following up-to-date design provisions
including ASCE 7-02 (2003), IBC (2003), AISC-LRFD (2005), and AISC Seismic
Provisions for Structural Steel Buildings 2002 (LaFore and Hajjar, 2005; Gartner and
Hajjar, 2006). See LaFore and Hajjar (2005) and Gartner and Hajjar (2006) for details of
the design of these three-dimensional structures and the associated two-dimensional
planar frames that were extracted and analyzed in this work. The RCFT columns of the
frames were designed utilizing a wide range of material and geometric properties. The
variation generated in the proportions of the steel and concrete among the designed
frames revealed the sensitivity of the seismic behavior against the degree and type of
composite interaction. Table 6-1 illustrates the ranges of material and geometric
properties of the RCFT columns used in the studied frames.

Table 6-1 Summary of Geometric and Material Properties of RCFT Columns
Frame Designation | # of Stories | f'. (MPa) | f, (MPa) | D/t L/D

Ila 3 27 317 35,50 | 7,8
I11d 3 110 551 67 7

The buildings were all assumed to be located in Los Angeles. The soil conditions
were assumed to be on NEHRP Site Class D. Utilizing the NEHRP Maximum
Considered Earthquake Maps and adjusting with respect to the soil conditions, the

maximum considered earthquake spectral response acceleration for short period (S,,)
and the maximum considered earthquake spectral response acceleration at 1 period (S,,,)

were obtained s 1.5g and 0.9g, respectively. Therefore, the design spectrum representing
earthquake records to have 2%/50 and 10%/50 hazard levels can derived as shown in
Figure 6.2 assuming 2% damping.

The masses of the designed frames were assumed to be lumped at the joints. The
dead loads and the proportion of the live loads due to movable partitions were considered

to contribute to the total mass. The computational models were constructed without
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consideration of the connection regions. The ignorance of the deformation of the panel
zone regions was assumed to be compensated with the reduced stiffness introduced by
using centerline dimensions of the columns and girders. Despite the crudeness
introduced in strength demands, this approach estimates the deformation demands with
sufficient accuracy so that they can be used in performance evaluations, which are often

driven by displacements (Gupta and Krawinkler, 1999).
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Figure 6.2 Spectrum of Acceleration at Various Hazard Levels

Both RCFT columns and steel girders were analyzed using the mixed-finite
element method presented in Chapter 2. The RCFT columns were simulated with one
finite element and three integration points along the element length. The steel girders
were modeled with multiple elements per member as needed to account for the transverse
point loads due to gravity from the out-of-plane beams framing into the span of the
girders. The number of integration points for the beams were also kept as three. The
number material fibers along the depth of the RCFT and steel cross-sections were chosen
as eight and ten, respectively. Considering the verification studies presented in Chapter
5, the aforementioned mesh density adopted in the analysis models was found to be
satisfactory. The Newmark-Beta (y = 0.5, f = 0.25) time integration scheme was
employed as the primary numerical algorithm to solve for the dynamic response of the

structures. A mass and stiffness proportional damping was assumed, where the damping
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matrix (C) of the structures was calculated combining their mass (M) and stiffness (K)
matrices as follows:

C=a M+ pBK [6.1]
where: ¢, is the mass proportionality factor, £.is the stiffness proportionality factor
The calculation of o and £, was conducted by assigning a viscous damping ratio (&) of
2% for the 1* and 3™ modes of the structures. The 2% damping ratio was selected
assuming that the response of RCFT frames exhibit similar damping characteristics with
steel structures (Muhummud, 2004; Herrera, 2005;). Considering Rayleigh damping

o, and f, were calculated as follows:

1
N 1%
1 1 a,
—| ™ ‘ _|¢ [6.2]
2| 1 Bl ¢
W3
W3
2X W, X w, 2
a . =ex——— ff=¢X [6.3]
w, + wy W+ W,

where: w, is the 1% mode frequency, w, is the 3" mode frequency

The nonlinear time history analyses were conducted following the application of
100% of the gravity loads consisting of live and dead loads. The factored gravity loads
were sustained on the structure during the application of the earthquake loading (FEMA
356, 2000). The time step for the analysis was selected to be smaller than the time
interval defined for the ground motions records. Therefore, the time step was often

selected to be less than 0.01 sec.

6.2.1. Time-History Analysis Results

Frame Illa (as classified by LaFore and Hajjar, 2005) was chosen to represent
RCFT structures having moderate values of geometric and material properties. As it is
detailed in Figure 6.3, Frame Illa consisted of three stories and four bays of RCFT
columns and steel girders. The periods of vibration corresponding to the first three

modes were determined by performing an eigen value analysis, which produced 0.618

304



sec, 0.349 sec, and 0.201 sec for the 1%, 2™, and 3™ modes, respectively. From Equations

6.2 and 6.3, «, 0f 0.307 and f.of 0.0009656 were calculated.
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Figure 6.3 Description of Frame Illa (LaFore and Hajjar, 2005)

A total number of 12 ground motion records were selected. Table 3-1Table 6-2

summarizes the characteristics of the chosen earthquake records including peak ground

acceleration (PGA), moment magnitude (Mw), distance to the source (R;), duration (¢),

and the scaling factor to 2%50 design acceleration spectra. It can be noticed from Table

6-2, the earthquake motions were recorded between 14 to 40 km distances away from the

fault. The response spectrum of the scaled ground motions with respect to S, can be seen

in Figure 6.4.

Table 6-2 Earthquake Records Selected For Frame Illa Scaled to 2%/50

Re&())rd Event Year | Mw ( 151;1) PGA(g) Dl(lgzil)on Scale Factor
IV79chi | Imperial Valley | 1979 | 6.5 | 287 0.27 40.0 1.48
LP89cap Loma Prieta 1989 | 69 | 145 | 0.443 40.0 0.97
LP89g04 Loma Prieta 1989 | 6.9 | 16.1 | 0212 39.9 1.80
LP89hda Loma Prieta 1989 | 6.9 | 258 | 0.279 39.6 1.45
NR94cen Northridge 1994 | 6.7 | 309 | 0322 30.0 1.83
NR94cnp Northridge 1994 | 6.7 | 158 0.42 25.0 0.70
NRY4far Northridge 1994 | 67 | 239 | 0273 30.0 1.47
NRY4fle Northridge 1994 | 6.7 | 29.5 0.24 30.0 1.69
NRY4stc Northridge 1994 | 6.7 | 133 | 0.368 30.0 2.14
NR94sm Northridge 1994 | 6.7 | 30 0.474 31.6 1.73
SHS87icc | Superstition Hills | 1987 | 6.7 | 13.9 | 0.358 40.0 171
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The roof displacement (A | ) time history results of Frame Illa is presented in
Figure 6.5 as a percentage of the height of the frame (4, ). The maximum drift was
observed between 5 sec to 15 sec of the ground motion records. The A . demand values
for the analyses are documented in Table 6-3 in terms of mean () and 84 percentile
(u+o) values. The 84 percentile was assumed to be approximately equal to mean plus
one standard deviation (o) if normal distribution is assumed. Table 6-3 shows that the

largest maximum and minimum roof drift demands were obtained for earthquake records

of NR94stc and NR94stn.
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Figure 6.5 Roof Displacement Time History for Frame Illa (2%/50)

Figure 6.6 presents the story shear (V) vs. interstory drift ratio (A ) response of

Frame Illa for each story. Interstory drift ratio is adopted as the primary engineering
demand parameter in the current performance-based design provisions (FEMA-350,

2000; FEMA-356, 2000). Both ¥, and A _ attain their maximum values at the 1*' story.

The magnitude of the demands exhibited a reduction in the upper stories. The mean and

84 percentile values for the maximum and minimum interstory drift ratios and shear

forces can be found in Table 6-4. The response of RCFT columns was studied based on

their moment vs. axial force response as it is shown in Figure 6.7 for the exterior columns

at the 1%, 2™ and 3" stories (axial compression is shown as positive in the interaction

diagram figures in this chapter). It was found that the 1*' story column reaches to the

highest force demands and the maximum load state breaches the cross-section strength

surface given in the AISC-LRFD (2005) design specification in the bending moment and

axial force space. The load state for the 2" and 3" story column remained well within

the AISC-LRFD (2005) interaction surface.

Table 6-3 The Maximum and Minimum Roof Displacement Values (4,) of I11a for

2%/50 Earthquake Records

Record ID A, (max) (%) A, (min) (%)
IV79chi 1.184 -1.101
LP89cap 1.116 -1.101
LP89g04 1.088 -0.919
LP89hda 1.322 -1.017
NR94cen 1.178 -1.021
NRO94far 1.204 -0.996
NR94stn 1.143 -1.243
NR94cnp 0.985 -0.789
NR94stc 1.414 -0.912
NR94fle 1.271 -0.990
SH87icc 1.061 -1.185
7 1.179 -1.025
U+t o 1.301 -0.896
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Figure 6.6 Interstory Drift Ratio and Shear Force Demand at 1%, 2™ and 3" stories
(Frame Il1a, 2%/50)
Table 6-4 Maximum and Minimum Story Shear and Interstory Drift Ratios
Record ID A (max) (%) | A (min) (%) | Vs (max) (KN) | Vs (min) (kN)
IV79chi 1.25 -1.25 3904 -3731
LP89cap 1.19 -1.22 3739 -3802
LP89g04 0.89 -1.11 3177 -3785
LP89hda 1.10 -1.45 3660 -4030
NR94cen 1.05 -1.42 3750 -4178
NR94far 1.07 -1.24 3593 -3716
NR94stn 1.13 -1.21 3483 -3735
NR9%4cnp 0.83 -1.01 3131 -3424
NR94stc 1.02 -1.55 3579 -4102
NR94fle 1.12 -1.41 3827 -4001
SH87icc 1.03 -1.17 3311 -3742
U 1.06 -1.28 3560 -3841
ut o 1.19 -1.11 3818 -3624
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Figure 6.7 Axial Force and Bending Moment Interaction Demands for Edge Columns at

1%, 2" and 3" Stories (Frame I1Ia, 2%50)

Tort and Hajjar (2004) proposed a deformation-based (lA)) damage function

equation to quantify the amount of damage experienced by the RCFT members as given

in Equation 6.4.
~ d
D =—" 6.4
d [6.4]
where: d_, - the deflection of the structural member at the point in the loading history at

curr

which damage is being assessed

d - the deflection attained when the peak load is reached

For the RCFT columns of Frame Illa, the D values were obtained utilizing the
time-history analysis results corresponding to the ground motion records given in Table
6.2. While evaluating D, d was determined from the static push-over analysis of the

structure, where the chord rotation ( R ) vs. moment response was extracted for each
RCFT column. The chord rotation of a column was calculated as the ratio of lateral

displacement to the element length. d, was assumed to be attained when the stiffness of
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the RCFT column becomes 10% of its initial value. The static push-over analysis of the
structure was performed using a displacement-controlled solution algorithm (Yang and
Kuo, 1994), where the structure is subjected to a monotonically increasing lateral
displacement history while the factored gravity loads are sustained on the structure. The
distribution of the lateral loads was determined according the guidelines in FEMA-256

(2000). Figure 6.8 shows the base-shear (V) vs. maximum inter-story drift response of

Frame Illa from the static push-over analysis. In Figure 6.9, moment vs. R response
from the static push-over analysis and time history analysis are superimposed for the

windward interior column at the first story of the frame. d_,_ was obtained from the time

curr

history analysis results as the mean maximum chord rotation experienced during the

ground motions while d was determined from the static load deformation response

when the stiffness reduces to a level less than 10% of its initial value. D was calculated

as the ratio of 4, and d,. A similar methodology was also pursued for the remaining

RCFT columns to calculate D. The distribution of the mean D values across all of the
RCFT columns is illustrated in Figure 6.10. It can be seen that mean D values ranges

from 0.41 to 1.04. The value of D the exterior columns is larger in the first story and it

diminishes in a consistent manner toward the third story. On the other hand, the interior

columns experienced the largest D value in the first and third stories. The discrepancy
in the damage distribution between the exterior and interior columns is attributed to the
effect of factored gravity loads, which has more impact on the top exterior columns due

to the reduced stiffness at the steel girder to RCFT column junction points. Table 6-5

documents the parameters of d, and mean d_,. values that were used to obtain mean D

curr

values. In Table 6-5, d, and d_, were expressed in terms of chord rotation (R) of the

curr

RCFT columns.
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Figure 6.8 Push-Over Response of Frame Illa
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Figure 6.10 Distribution of Mean Damage Function Values for the RCFT Columns

Table 6-5 Damage Function Parameters of RCFT Columns of Frame Illa for 2%/50

Hazard Level
Aeurr d, [) _ dcurr
RCFT Column R (%) R, (%) d,
Al-Bl1 1.32 2.04 0.65
B1-C1 1.37 2.01 0.68
Cl1-D1 1.01 1.90 0.53
A2-B2 1.32 1.87 0.71
B2-C2 1.37 2.19 0.63
C2-D2 1.02 1.28 0.80
A3-B3 1.32 2.41 0.55
B3-C3 1.37 2.59 0.53
C3-D3 1.02 1.24 0.82
A4-B4 1.25 1.68 0.74
B4-C4 1.34 2.57 0.52
C4-D4 1.01 2.40 0.42
A5-B5 1.24 1.18 1.06
B5-C5 1.34 1.77 0.76
C5-D5 1.00 1.54 0.65
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The local damage states of the RCFT members were found to be concentrated at
the bottom of the 1* story columns. For a representative ground motion record and for a
representative RCFT column, Figure 6.11 illustrates the distribution of the limit states
attained by the steel tube and concrete core material fibers as percentages of the total
number of steel and concrete fibers. It was found that the tensile strain experienced by all
of the concrete fibers breached the strain level to initiate cracking. 50% of the concrete
fibers underwent high compressive strain levels leading to concrete crushing. The
yielding limit state was found to be attained by all of the steel tube fibers. Approximately
6% of the steel tube fibers exhibited local buckling.

local buckling, 5.56%

yielding, cracking,
100% 100%

AP crushing, 50 %

Figure 6.11 Damage Distribution of RCFT Cross-Section at the Support under V79
Ground Motion (Frame Illa, 2%/50)

A similar methodology to the maximum considered earthquake hazard level was
followed while selecting the earthquake records representing 10%/50 hazard level, which
is often referred as design level earthquake. A total number 10 ground motion records
were selected as described in Table 6-6. The earthquake records were scaled with respect
to the design spectrum as shown in Figure 6.12. The spectral acceleration at the first

mode period (S, ) was determined as 0.971g producing scale factors ranging from 0.47 to

1.38.
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Table 6-6 Earthquake Records Selected for Frame Illa Scaled to 10%/50 Hazard Level

ReIcI;)rd Event Year | Mw | R (km) | PGA(g) Dlg;:il)o n Scale Factor
IV79chi | Imperial Valley | 1979 | 6.5 | 287 0.27 40.0 0.99
LP89cap Loma Prieta 1989 | 6.9 | 145 | 0443 40.0 0.65
LP89g04 Loma Prieta 1989 | 6.9 | 16.1 | 0212 39.9 1.20
LP89hda Loma Prieta 1989 | 69 | 258 | 0.279 39.6 0.97
NR94cen Northridge 1994 | 6.7 | 309 | 0322 30.0 122
NR94cnp Northridge 1994 | 6.7 | 158 0.42 25.0 0.47
NRY4far Northridge 1994 | 6.7 | 239 | 0273 30.0 0.98
NRY4stc Northridge 1994 | 6.7 | 133 | 0.368 30.0 1.38
NR94stn Northridge 1994 | 6.7 30 0.474 31.6 1.12
SHS87icc | Superstition Hills | 1987 | 6.7 | 13.9 | 0.358 40.0 1.10
3
2.5 |

Acceleration (g)
=
al

1
0.5
0 : ‘ ‘ s
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Figure 6.12 Scaled Earthquake Records of Frame I1la to 10%/50

The demand imposed on Frame IIla by the 10%/50 ground motion records given

in Table 6-6 is presented in Figure 6.13 as the roof displacement (A , ) time history
results as a percentage of the height of the frame (%, ). The A . demand values for the
analyses are documented in Table 6-7 in terms of mean (u) and 84 percentile (u+0)
values. Table 6-7 shows that the largest maximum and minimum roof drift demands in

absolute value were obtained for the NR94stn earthquake record. Compared to the
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2%/50 ground motion records, smaller roof drift demands were obtained, where the ratio
of maximum roof drift of 2%/50 hazard level to that of 10%/50 hazard level was found as

1.60.

4. 1 h, (%)

"“Hz‘ M‘w,"»w, i
i ff?@eﬁc«#Aﬁ&?&'&%&faﬁ-

20 30 40

Time (sec)

Figure 6.13 Roof Displacement Time History for Frame I1la (10%/50)

Figure 6.14 shows the story shear (V) vs. interstory drift ratio (A ) response of
Frame Illa for each story. Both V and A | attain their maximum demands in absolute

value at the 1% story. The mean and 84 percentile values for the maximum and minimum
interstory drift ratios and shear forces can be found in Table 6-8. It was found that the
displacement demands reduced more than the force demands when the hazard level was
changed to 10%/50 to 2%/50. The response of RCFT columns was also studied based on
their moment vs. axial force response as it is shown in Figure 6.15 for the edge columns
at the 1%, 2™ and 3" stories. It was found that 1 story column achieves to the largest
force demands. However, none of the columns breached the cross-section failure surface
given in the AISC-LRFD (2005) design specification indicating the level of inelasticity to

be insignificant.
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Story Shear

Table 6-7 The Maximum and Minimum Roof Displacement Values (4,) of I11a for

-2500

-5000

10%/50 Earthquake Records

Record ID A, (max) (%) A, (min) (%)
1V79chi 0.83 -0.86
LP89cap 0.81 -0.71
LP89g04 0.74 -0.72
LP89hda 0.89 -0.85
NRY4cen 0.88 -0.76
NR94cnp 0.88 -0.71
NR94far 0.88 -0.74
NR9Y4stc 0.89 -0.78
NR94stn 0.97 -0.88
SHS87icc 0.82 -0.79
7 0.86 -0.78
Ut o 0.92 -0.72
4000
2000 -
:
- g 0 -
1 2000 - 2"
T T T T —4000 T T T
-5 -0 05 00 05 1.0 -1.0 0.5 0.0 0.5 1.0
Inter Story Drift Ratio (%) Inter Story Drift Ratio (%)
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Figure 6.14 Interstory Drift Ratio and Shear Force Demand at 1%, 2" and 3" stories

(Frame IIla, 10%/50)
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Table 6-8 Maximum and Minimum Story Shear and Interstory Drift Ratios (Frame Illa,

10%/50)
Record ID Ay (max) (%) A, (min) (%) | Vs (max) (kN) | ¥V (min) (kN)
IV79chi 0.87 -0.73 3133 -2847
LP89cap 0.66 -0.79 2738 -2966
LP89g04 0.64 -0.69 2505 -2719
LP&89%hda 0.87 -0.76 3103 -3032
NR94cen 0.76 -0.96 3079 -3482
NRO94far 0.76 -0.85 2930 -3090
NR94stn 0.82 -0.95 3171 -3333
NR94cnp 0.72 -0.83 2849 -3071
NRO94stc 0.71 -0.88 2751 -3161
SH87icc 0.79 -0.77 2968 -3007
7 0.76 -0.82 2923 -3071
ut o 0.84 -0.73 3136 -2850
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Figure 6.15 Axial Force and Bending Moment Interaction Demands for the Exterior
Columns at 1%, 2™ and 3" Stories (Frame I1Ia, 10%50)
The deformation-based damage function values attained by the RCFT columns

are illustrated in Figure 6.16and in Table 6-9. The damage function values were found to
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range from 0.33 to 0.65. Despite the fact that the maximum deformation demands often
occurred in the first and second story columns, the third story columns were also found to

exhibit large damage function values. This is due to the fact that the columns in the third

story reach their lateral load capacity sooner than the ones in the lower stories.

Compared to the results obtained for the 2%/50 hazard level, a clear reduction in D

values is evident, which impacts the limit states of the RCFT columns.

The local damage state distribution of the RCFT columns was studied by

monitoring the stress strain response of the material fibers. For example, Figure 6.17

shows the limit states attained by the steel tube and concrete fibers for an RCFT cross-

section located at one of the exterior supports of Frame Illa. It was found that the

damage state is not less severe than the one observed for the 2%/50 hazard level. There

was a clear reduction in the number of material fibers experiencing steel yielding and

concrete crushing. No local buckling was observed for the steel tube material fibers.

D) 040 | D(p) 059 | D(w 060 | D() 033 | D(w) 051
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D(u) 050 | D(u) 0.46 | D(u) 038 | D(p) 038 | D(p) 0.56
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Figure 6.16 Distribution of Mean Damage Function Values for the RCFT Columns
(Frame IIla, 10%/50)
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Table 6-9 Damage Function Parameters of RCFT Columns for 10%/50 Hazard Level

dcurr do D _ dcur,ﬁ
RCFT Column mean(R (%)) | R, (%) = d
Al-Bl 0.86 2.04 0.42
B1-Cl 1.01 2.01 0.50
C1-Dl1 0.76 1.90 0.40
A2-B2 0.86 1.87 0.46
B2-C2 1.01 2.19 0.46
C2-D2 0.75 1.28 0.59
A3-B3 0.86 2.41 0.36
B3-C3 1.00 2.59 0.38
C3-D3 0.74 1.24 0.60
A4-B4 0.76 1.68 0.45
B4-C4 0.99 2.57 0.38
C4-D4 0.80 2.40 0.33
AS5-B5 0.76 1.18 0.65
B5-C5 0.99 1.77 0.56
C5-D5 0.78 1.54 0.51
yielding,
78%
cracking,
100%
crushing, I
20%

Figure 6.17 Damage Distribution of RCFT Cross-Section at the Support under IV79
Ground Motion (Frame Illa, 10%/50)
The second RCFT frame structure selected for seismic demand evaluation is
described in Figure 6.18. The frame dimensions and number of bays were kept as the

same with Frame IIla. However, material properties and therefore the resulting member
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sizes exhibited a variation compared to Frame IIla. This approach allowed investigating
the effect of different limit states and the degree of interaction between the steel tube and
the concrete core on the global and local seismic demand of RCFT frames. The yield
strength of the steel tube and compressive strength of the concrete core were selected to
be higher than the values often used in conventional designs and they were assumed to be
552 MPa and 110 MPa, respectively. The steel tube of the RCFT columns were designed
as a slender cross-section with a D/t ratio of 67. Frame IIId has the same seismic mass
and gravity loads same with Frame IlIa. Conducting an eigen-value analysis, the periods
corresponding to the first three modes were obtained as 0.66 sec, 0.53 sec, and 0.22 sec.
A 2% damping ratio was assigned and the damping proportionality factors corresponding
to mass and stiffness were determined to be 0.286 and 0.001061, respectively.

In order to represent the 2%/50 hazard level for Frame I1Id, a total number of 11
earthquake records were selected. The characteristics of the selected ground motion
records are summarized in Table 6-10. The records were all scaled with respect to the

S, value at the first mode period of the structure minimizing the difference between

design and median spectra. The resulting scale factors ranged between 0.74 and 2.10.
Figure 6.19 shows the comparison of the acceleration response spectra of the scaled
ground motions with the 2%/50 hazard level acceleration response spectra available in
the design provisions. All the available acceleration spectra values coincide at 0.66 sec,

which corresponds to the first mode period of the structure.

Girders: 1 b 3 4 5
Jfy =345 MPa D my ms ms Mg ms_Ms Mg Ms Ms Mg Ms s my
1 -W610x140 1T &
2 - W530x85 ©) ® © ©) © |3
RCFT Columns: C o dmme my  lms my m, ms my, mp, lms my n m; T
Sy =552 MPa [ | | | =
f.=110 MPa © ® © ® ® |
1 —HSS 533x533x7.94 m; my; my;  mz m, m mz my; my mz my; m my it
m;=11224 kg B o o o O ?
m,=13606 kg ® ® ® ® ® 3
m3=13606 kg A l -
my= 7039 kg STT7T7 STT7 STT7T7 ST7T7
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Figure 6.18 Description of Frame I11d
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Table 6-10 Earthquake Records Selected for Frame I1Id Scaled to 2%/50 Hazard Level

ReIcI;rd Event Year | Mw | R (km) | PGA(g) Dlg:?)o n it
IV79chi | Imperial Valley | 1979 | 6.5 | 287 0.27 40.0 1.38
IV79gkp | Imperial Valley | 1979 | 6.5 | 23.6 0.31 40.0 1.61
LP89cap Loma Prieta 1989 | 6.9 | 145 | 0443 40.0 0.74
LP89hda Loma Prieta 1989 | 69 | 258 | 0.279 39.6 1.39
LP89slc Loma Prieta 1989 | 69 | 363 0.19 39.6 1.91
NR94cen Northridge 1994 | 6.7 | 309 | 0322 30.0 1.81
NR94cnp Northridge 1994 | 6.7 | 158 0.42 25.0 111
NRY4far Northridge 1994 | 6.7 | 239 | 0273 30.0 1.46
NR94fle Northridge 1994 | 6.7 | 29.5 | 0.240 30.0 2.10
NR94stc Northridge 1994 | 6.7 | 133 | 0.368 30.0 171
SHS87icc | Superstition Hills | 1987 | 6.7 | 13.9 | 0.358 40.0 1.55

Frame IIId was subjected to the available ground motion records and the demand

values imposed on the structure were documented. The maximum roof drift (A ,) is often

considered as a powerful engineering demand parameter to investigate the global
performance of structures. In addition, the structural design specifications often provide
limiting values for the roof drift to satisfy the serviceability limit state. Therefore, in
Figure 6.20, the seismic demand was studied based on the roof drift value as a percentage
of the height of the structure. In Table 6-11, the roof drift response is summarized for
each ground motion record and the mean and g4t percentile values are provided.
Compared to Frame IIla, the roof drift values of Frame IIId were found to be very

similar, where the 1.7% limit was not breached for both frames.
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Figure 6.20 Roof Displacement Time History for Frame I1Id (2%/50)
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Table 6-11 The Maximum and Minimum Roof Displacement Values (4,) of I11d for
2%/50 Earthquake Records

Record ID | A, (max) (%) | A- (min) (%)
IV79chi 1.02 -1.05
IV79qkp 1.05 -0.91
LP89cap 0.85 -0.71
LP89%hda 1.26 -0.97
LP89slc 1.04 -0.86
NR94cen 1.26 -1.10
NRO94far 1.26 -0.95

NR94cnp 1.55 -0.96
NR9Y%4{le 1.63 -1.05
NR94stc 1.41 -0.91
SH87icc 1.06 -1.19

u 1.22 -0.97
Uu+o 1.46 -0.84

Interstory drift ratio is adopted as the primary engineering demand parameter in

the current performance-based design provisions (FEMA-350, 2000; FEMA-356, 2000).

Figure 6.21 shows the interstory drift ratio vs. story shear force response of Frame I1Id

for each story. It can be seen that the 1 story RCFT columns are subjected to the largest

deformation demands. The 1*' story and 2™ story shear force demands were found to be

similar. On the other hand, the ground motion records generated the smallest

deformation and shear force demands for the 3™ story RCFT columns. Table 6-12

summarizes the maximum and minimum interstory drift and shear force values across all

stories for the available ground motion records.
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Figure 6.21 Interstory Drift Ratio and Shear Force Demand at the 1%, 2" and 3™ stories
(Frame I1Id, 2%/50)
Table 6-12 Maximum and Minimum Story Shear and Interstory Drift Ratios

Record ID As (max) (%) | A4 (min) (%) | Vs (max) (kN) | ¥ (min) (kN)
IV79chi 1.11 -0.98 3851 -3279
IV79gkp 1.02 -0.97 3502 -3622
LP89cap 0.77 -0.73 2901 -3220
LP89hda 1.62 -1.30 2837 -3673
LP&9slc 0.84 -1.06 3467 -3387
NR94cen 0.99 -1.29 3434 -3854
NRO94far 0.97 -1.68 3926 -3321
NR94cnp 091 -1.41 3431 -4024
NRO94fle 0.97 -1.68 3926 -3321
NR94stc 1.02 -1.55 3579 -4102
SH87icc 1.03 -1.17 3311 -3742

U 1.02 -1.26 3470 -3595
ut o 1.24 -0.95 3834 -3283
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The RCFT columns of Frame IIId were checked for the cross-section strength
equations given in AISC-LRFD (2005). Therefore, the moment vs. axial force response
from time history analysis results were recorded. Figure 6.22 shows the interaction
values attained for the exterior RCFT columns of the 1, 2nd, and 3" stories. It was found
that the interaction values remains within the cross-section failure surface given in AISC-
LRFD (2005). This is in part due to the fact the moment and axial load capacity
equations of RCFT beam-columns in AISC-LRFD (2005) do not account for the

detrimental effect of local buckling.
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Figure 6.22 Axial Force and Bending Moment Interaction Demands for the Exterior
Columns at 1%, 2™ and 3" Stories (Frame IIId, 2%/50)

The deformation-based damage function by Tort and Hajjar (2003) was also
utilized to evaluate the demand of RCFT columns. First, static push-over analysis of
Frame II1d was conducted producing the load-deformation response given in Figure 6.23.
From the static push-over analysis, the chord rotation vs. shear force response of each

RCFT column was extracted. As shown in Figure 6.23, superimposing the time-history
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analysis results on the static push-over curve, the parameters of d, and d_,,,, were
calculated to evaluate D. The distribution of D across the RCFT columns is presented

in Figure 6.25. The D values were found to range between 0.43 and 1.27. For the

majority of the RCFT column, the largest damage function values were attained in the

first story. Compared to Frame Illa, D values were found to be larger, which is

attributed to the fact that severe local buckling taking place prior to yielding reduced the

strength and stiffness of the RCFT columns. In Table 6-13, the parameters to obtain D
values of the RCFT columns can be found.

The degree of material inelasticity experienced by Frame I1Id was examined by
studying the distribution of local damage sates at key locations. For example, Figure
6.26 illustrates the local damage levels of material fibers for the RCFT cross-section
located at one of the exterior supports in the first story for a representative ground motion
record. It was found out that no concrete crushing took place due to the high
compressive strength. The damage mainly occurred in the steel fibers in the form of

yielding and local buckling.
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Figure 6.23 Static Push-Over Response of Frame I11d
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Figure 6.24 Push-Over vs. Time History Response of 1% Story Exterior Column (Frame

I11d, 2%/50)
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Figure 6.25 Distribution of Mean Damage Function Values for the RCFT Columns
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Figure 6.26 Damage Distribution of RCFT Cross-Section at the Support under IV79

Ground Motion

Table 6-13 Damage Function Parameters of RCFT Columns of Frame I11d for 2%/50

Hazard Level
dcurr do IA) _ dcurr
RCFT Column mean(R (%)) | R, (%) = d
Al-Bl 1.29 1.10 1.17
B1-C1 1.31 1.03 1.27
Cl1-D1 1.03 1.69 0.61
A2-B2 1.29 1.23 1.05
B2-C2 1.33 2.05 0.65
C2-D2 1.01 1.59 0.64
A3-B3 1.30 1.56 0.84
B3-C3 1.30 2.74 0.47
C3-D3 0.99 1.10 0.90
A4-B4 1.09 1.72 0.63
B4-C4 1.31 2.57 0.51
C4-D4 1.06 2.32 0.46
A5-B5 1.14 0.95 1.19
B5-C5 1.32 2.55 0.52
C5-D5 1.06 1.36 0.78
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The ground motion records selected to investigate the seismic demand of Frame

IT1d under 10%/50 hazard level are given in Table 6-14. A total number of 8 ground

motion records were selected. The scaling of the earthquake records is presented in

Figure 6.27, where the spectral acceleration values coincide at 0.66 sec. The scale factors

to match the response spectrum in the design provisions were found range from 0.74 to

1.45 as can be noticed in Table 6-14.

Table 6-14 Earthquake Records Selected for Frame I11d Scaled to 10%/50 Hazard Level

Record Duration Scale Factor
D Event Year | Mw | R (km) | PGA(g) (sec)
IV79chi | Imperial Valley | 1979 | 6.5 | 28.7 0.27 40.0 0.92
LP89cap Loma Prieta 1989 | 69 | 145 | 0.443 40.0 0.49
LP89hch Loma Prieta 1989 | 69 | 282 | 0247 39.1 1.45
LP89slc Loma Prieta 1989 | 6.9 | 363 0.19 39.6 1.28
NR94cen Northridge 1994 | 6.7 | 309 | 0322 30.0 1.21
NR94cnp Northridge 1994 | 6.7 | 15.8 0.42 25.0 0.74
NRY4far Northridge 1994 | 6.7 | 239 | 0273 30.0 0.98
NR94stc Northridge 1994 | 6.7 | 133 | 0.368 30.0 1.14
SHS87icc | Superstition Hills | 1987 | 6.7 | 13.9 | 0.358 40.0 1.04
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Figure 6.27 Scaled Earthquake Records of Frame I1Id to 10%/50
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The time history analysis results of Frame I1Id under the ground motion records

of Table 6-14 is documented in Figure 6.28 in terms of roof drift values as a percentage

of the height of the structure. The maximum drift value was found to be 1.25%, which is

larger than the maximum drift of 0.96% obtained for Frame IIla under 10%/50 hazard

level. A summary of the roof drift values for the selected ground motion records is

provided in Table 6-15 along with the statistical properties including mean and 84™

percentile values.
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Figure 6.28 Roof Displacement Time History for Frame I11d (10%/50)

Table 6-15 The Maximum and Minimum Roof Displacement Values (4,) of I11d for
10%/50 Earthquake Records

Record ID | 4, (max) (%) | 4, (min) (%)
IV79chi 0.603 -0.619
LP89cap 0.504 -0.425
LP89hch 0.800 -0.790
LP89slc 0.626 -0.526
NR94cen 0.926 -0.863
NR9%4cnp 1.255 -0.898
NR94far 0.142 -0.098
NR94stc 0.889 -0.776
SH87icc 0.819 -0.793

U 0.729 -0.643
U+ o 1.041 -0.385
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Studying the interstory drift vs. story shear response of Frame IIId, in Figure 6.29,
it was found that the maximum deformation and force values are concentrated in the first
and second stories. Compared to the seismic response under 2%/50 earthquake records,
the hysteresis response of the stories was found to be narrower, which indicates a
reduction to occur in the inclastic deformations of the RCFT columns. In Table 6-16, the
deformation and forced demands of Frame IIId can be found with the corresponding

mean and 84 percentile values.
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Figure 6.29 Interstory Drift Ratio and Shear Force Demand at the 1%, 2™ and 3" stories
(Frame I11d, 10%/50)

The moment and axial force demands of the exterior RCFT columns were
checked against the interaction equations available in AISC-LRFD (2005). Due to the
use of high strength steel tube and concrete core, the nominal capacity of the RCFT
columns were calculated to be large without any consideration given to the effect of local
buckling.. Therefore, as can be seen in Figure 6.30, the interaction equation for the

RCFT columns of Frame I11d remained within the interaction surface.
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Table 6-16 Maximum and Minimum Story Shear and Interstory Drift Ratios (Frame IIId,

P (kN)

10%/50)
Record | Ay (max) | A (min) Vs (max) Vs (min)
1D (%) (%) (kN) (kN)
IV79chi 0.54 -0.52 2364 -2340
LP89cap 0.39 -0.44 1877 -1970
LP89hch 0.74 -0.74 3047 -2964
LP&89slc 0.52 -0.52 2288 -2382
NR94cen 0.73 -0.92 3244 -3583
NR94cnp 0.92 -1.14 3201 -3829
NR94stc 0.71 -0.88 2751 -3161
SH&7icc 0.79 -0.77 2968 -3007
u 0.67 -0.74 2717 -2905
e 0.84 -0.50 3210 -2265
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Figure 6.30 Axial Force and Bending Moment Interaction Demands for the Exterior
Columns at 1%, 2™ and 3" Stories (Frame I1Id, 10%/50)

The deformation-based damage function values attained by the RCFT columns

are documented in Figure 6.31 across all of the RCFT columns in Frame IIId. The values
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of D were found to range from 0.32 to 0.69. The damage of the RCFT columns was
mainly concentrated in the 1* story. Compared to Frame I1la, the severity of damage was
found to be larger for the columns of Frame IIId. The damage function parameters of

d...+ and d, can be found in Table 6.12.

D - - - ~ .
O D) 043 | D(p) 044 | D(pw) 0.65 | D(u) 032 | D(w) 053
Do) 0.14 | D(o) 0.15 | D(o) 022 | D(o) 0079 | D(o) 0.15

C . n - - R
O D(w) 091 1 D(u) 046 | D(w) 034 | D(w) 036 | D(u) 035
D(0) 026 | D(g) 0.13 | D(o) 0.097 | D(5) 0.091 | D(o) 0.10

D(p) 064 | D(w 0.60 | D(w) 047 | D(w) 0.38 | D() 0.69
D(o) 021 | D(g) 0.19 D(o) 0.15 | D(o) 0.091 | D(o) 0.26

@7777 ST ST 4vavd SN

@ @ ©, O, ®

Figure 6.31 Distribution of Mean Damage Function Values for the RCFT Columns
(Frame I11d, 10%/50)
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Table 6.12. Damage Function Parameters of RCFT Columns of Frame IIld for 10%/50

Hazard Level

dcurr do l") _ dcur,

RCFT Column mean(R (%)) | R, (%) d,
Al-Bl 0.71 1.10 0.64
B1-C1 0.93 1.03 0.91
C1-DlI 0.72 1.69 0.43
A2-B2 0.73 1.23 0.60
B2-C2 0.94 2.05 0.46
C2-D2 0.70 1.59 0.44
A3-B3 0.74 1.56 0.47
B3-C3 0.94 2.74 0.34
C3-D3 0.71 1.10 0.65
A4-B4 0.66 1.72 0.38
B4-C4 0.91 2.57 0.36
C4-D4 0.75 2.32 0.32
A5-B5 0.66 0.95 0.69
B5-C5 0.90 2.55 0.35
C5-D5 0.71 1.36 0.53
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Chapter 7

7. Reliability Framework
7.1. Introduction

The primary advantage of performance-based design over prescriptive design
methodologies is that the inherent uncertainty and randomness in seismic demand and
capacity evaluations of structures can be accounted for. This is often realized by
quantifying the confidence levels for the targeted performance objective indicating the
likelihood of producing an acceptable design (FEMA-350, 2000).

Cornell et al. (2002) have proposed that the effects of uncertainty and randomness
can be incorporated into a performance-based design approach similar to the
conventional load and resistance factor format as given in Equation 7.1.

¢C > yD [7.1]
where:

C - median capacity value (e.g., local response parameters from the experiments,
global response parameters from nonlinear time history)

D - median demand value under a given ground motion of intensity (e.g., local
and global damage parameters from structural analysis)

@ — capacity factor

y— demand factor

The process to arrive at Equation 7.1 requires the identification of the
probabilistic representations of the main components operating within the performance-
based design. These components include ground motion hazard, seismic demand (D),
and seismic capacity (C) (Cornell et al., 2002). First, ground motion hazard and seismic
demand are combined to derive the annual probability of having seismic demand greater
than a threshold value of d for a given hazard level with an intensity of x. The resulting

annual probability expression as a function of d is often termed as drift hazard curve
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(H,) as given in Equation 7.2. In displacement-based design methods, demand is often

considered as a structural deformation parameter (e.g., maximum interstory drift). On the
other hand, the main parameter characterizing the ground motion is often assumed as the
spectral acceleration at the first mode period of the structure (S, ). Equation 7.2 employs
the total probability theorem so that all ranges of ground motion intensities are covered
while assessing the probabilistic seismic demand. This approach is considered as one of
the superiorities of performance-based design over prescriptive design methodologies,
where the demand evaluations are performed for a single seismic hazard level (e.g.,

10%/50, 2%/50) (Yun et al., 2002).
H,(d)= [ PID>d|S, = x]|dH(x)| [7.2]
where: P — operator to denote probability
d(H(x)) - the expression resulting from differentiation of seismic hazard curve
(H) with respect to S, and evaluating the differentiated seismic hazard curve at
S, = xonce it is multiplied by dS
The seismic hazard curve that is introduced in Equation 7.2 quantifies the annual

probability of having a ground motion hazard with intensity greater than a threshold
value of's, . The seismic hazard curve often has the format given in Equation 7.3 and it is
provided by the seismologist for the desired geographical region.

H(s,))=P[S,>s 1=k, xs" [7.3]
where: k, k, coefficients resulting from linear regression hazard on intensity

The probabilistic representations of drift and ground motion hazard given in
Equation 7.2 and 7.3 are combined together to arrive at the numerical expression of the
probability of seismic capacity to be less than a threshold value of seismic demand (d).
The value of this expression indicates the success of the targeted design objective as it is

described in Equation 7.4.
Py, = [ PLC < dYdH ,(d) [7.4]

where: P,, annual probability of having an unsatisfactory design objective
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To quantify the uncertainty and randomness of the designed structure within a
probabilistic design methodology, the integral expression in Equation 7.4 needs to be
evaluated. This can be performed with ease through introducing simplifying relations
and probability distributions among ground motion hazard, seismic demand, and
capacity.

Based on time history analysis results on representative 3 story structures, Luco

and Cornell (1998) correlated the median drift D to S, in the following format.

b

D =a(S,) [7.5]
where: a,b - correlation coefficients (b = 1, Luco and Cornell, 1998)
The coefficient @ in Equation 7.5 can be obtained by conducting a series of nonlinear
analysis and performing a linear regression of D on S, .

Assuming the drift demands to be log-normally distributed around its mean value
with a standard deviation of /3, s , the first term in the integral expression of Equation 7.2
can be obtained as follows:
In(d) — In(ax")

ﬂD/S“

where: @ is the standardized Gaussian distribution function

P[D>d|S, =x]=1-a(

) [7.6]

—(1/2)s?

D(s) = J:O ie ds

Substituting Equation 7.6 and 7.5 into Equation 7.2 and performing integration by parts,
the drift hazard curve can be derived as follows (Jalayer, 2003).

H,y(d) = H(s") x expB’;—zﬂé/sa } [7.7]

where: s¢ = (d / a)"” (inverse function of Equation 7.5 (Jalayer, 2003))
Similarly, seismic capacity is also assumed to be log-normally distributed around its
mean value (C ) with a standard deviation of .. Therefore, the first term of Equation 7.4

becomes:

P[C<d]= @(M) [7.8]

C
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Substituting Equation 7.8 and 7.5 into Equation 7.4 and carrying out integration by parts

P,, becomes:
_H(E 1K o
Py, = H(s, ) x exp 2 b2 (IBD/SH +50) [7.9]

where: sf =(C/a)"

In reliability-based performance-based design methodologies, the performance
objective is stated as satisfying a performance level (e.g., Immediate Occupancy) under a
seismic hazard level expressed in terms of its probability of exceedence in a specific
amount time ( P)) (e.g., 2%50, 10%50). The minimum capacity to meet the targeted
performance objective (Cp,) can be determined utilizing the graphics adopted from Luco

and Cornell (1998). First, spectral acceleration value corresponding to P, (S) is

a

determined from the hazard curve. Then, substituting S’ into Equation 7.5, the seismic

demand (Dp,) imposed on the designed structure is obtained. The capacity (Cp,) should
be larger than the calculated demand to satisfy the performance objective. Similarly,
Figure 7.1 can also be utilized in the reverse direction such that for a given capacity
(Cpr), the probability of the ground motion hazard level (Pp.) that will generate a seismic
demand (Dp) equal to Cp, can be obtained. As can be seen From Figure 7.1, these
relations between hazard level, seismic demand, and seismic capacity produce the
Equation 7.10 to check the adequacy of a design for the intended performance objective.
P, <P [7.10]

Substituting Equation 7.9 and 7.3 into Equation 7.10:
c 1 k° 2 2 P,k
PPL :H(Sa )Xexp Eb_z(lBD/SE +ﬂC) SB) :kuSa“ [711]

where: Sf =(C/a)", sl =(D" /a)"”
Expanding and rearranging Equation 7.11, the performance equation that was previously

introduced in Equation 7.1 can be obtained as follows:

D" [7.12]
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Figure 7.1 Graphical Representation of Relation Between Hazard Curve, Seismic

Demand and Capacity Adopted From Luco and Cornell (1998)

7.2. Treatment of Uncertainty and Randomness

There exist two types of uncertainties to be accounted for while quantifying the
components of performance-based design. In Equation 7.12, the factors of ¢ and y
captures the dispersion in seismic demand and capacity calculations due to the record to
record variations, which is also known as aleatoric uncertainty. On the other hand, the
second type of uncertainty to be taken into account is due to the limitations in the
accuracy of scientific methods while implementing the performance-based design
methodologies. This type of uncertainty is often termed as epistemic uncertainty and it is
included in the performance equation as given below (Jalayer, 2003).

|3 a{fhersic)| X

« 6 > e{zb(ﬁén*'ﬂén)} « —p

e D™ [7.13]
where: [, = . dispersion in seismic capacity due to randomness
B, dispersion in seismic capacity due to uncertainty
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DBrp = By dispersion in seismic demand due to randomness

B, dispersion in seismic demand due to uncertainty

In order to implement the aforementioned methodology in this research, the
dispersion factors due to randomness and uncertainty need to be calculated for RCFT

members and frames.

7.2.1. Uncertainty of Capacity at the Local Level

Tort and Hajjar (2004) proposed deformation-based damage function equations to
calculate the available capacity with respect to various limit states. These equations were
determined based on experimental tests available in the literature under static loading

schemes. Equations 7.14, 7.15, 7.16, and 7.17 represents the capacity of RCFT beam-
columns against yielding in compression ( ﬁcy ), yielding in tension ( lA)ty ), local buckling
of the flange ([)lbf ), and local buckling of the web (lA),bw ), respectively. The equations

are valid for beam-column specimens having constant axial load and shear force putting

the member into double curvature, which are common in moment frame structures.

. d P
D == _160L _0a7t i 06a [7.14]
g dO I)O o
. d, P
D, = d—y 1478 508 385 [7.15]
. d P
D, =—"= 368 311 4397 [7.16]
dO R) o
R P
D,, = Dow _ 4817 10495 11081 [7.17]
d

where: d, - deformation at the point of peak load, d,, - deformation at initiation of tension
flange yielding, d,, - deformation at initiation of compression flange yielding, d,,, -
deformation at initiation of local buckling of the compression flange, d,,, - deformation
at initiation of local buckling of the web, P - axial load acting on the member, P, - axial

load capacity of the steel tube, P - axial load capacity of the RCFT cross-section
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The epistemic uncertainties in the capacity equations presented above were

assumed to be generated from variations in concrete strength (5, ), yield stress of the
steel tube (&), and the dispersion due to the scatter in the experimental data points that

were used to derive the capacity equations (0, ). The depth, thickness, and axial load on
the specimens were all assumed to be deterministic quantities. The rest of uncertainties
were assumed to be negligible such as fabrication errors, professional factor etc.

The variation in the concrete strength from its nominal values is examined based
on experimental test data from the literature. Figure 7.2 shows the comparison of the
measured concrete strength ( ) and nominal concrete strength ( f,,) for the RCFT
beam-column tests conducted by Inai et al. (2004) and Varma (2000). The coefficient of
variation is defined as the normalized parameter that indicates how widely the values of

the variety are spread from each other (Ang and Tang, 1975). Therefore, 5, was

calculated as given in Equation 7.18 utilizing the data points of Figure 7.2 and it was

evaluated as 0.036.

S, = ‘ [7.18]

where: N —number of data points
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Figure 7.2 Variation of Compressive Strength of Concrete
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Similarly, the variation of yield strength of the steel tube was also investigated
utilizing the experimental data values reported in the literature. In Figure 7.3, the

comparison of nominal ( f,, ) and measured ( f,,,) values of the yield strength of the steel
tube is presented for the specimens tested by Tomii and Sakino (1979), Lu and Kennedy
(1994), and Varma (2000). The data values were selected such that the calculated
coefficient of variation will be valid for a wide of yield strengths. Evaluating Equation
7.19, é}y was determined as 0.193.

$ll) (7))

i=1 (fyo).
§fy = N ! [7.19]
700
+ Tomii and Sakino, 1979
600 - = Lu and Kennedy, 1993
Varma, 2000
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\E/ am ]
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Figure 7.3 Variation of Yield Strength of the Steel Tube

The variation of the deformation-based damage function values due to scatter in

the experimental data was studied separately for each limit state. The difference between
nominal (ﬁo ) and measured (ﬁm) damage function values was normalized by the

nominal value to obtain the coefficient of variation Therefore, o. can be calculated as it

> sc

is described in Equation 7.20.
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5. = [7.20]

Figure 7.4 through Figure 7.7 shows the comparison of lA)o and lA)m for compression

flange yielding, tension flange yielding, local buckling of the compression flange, and
local buckling of the web, respectively. Table 7-1 summarizes the corresponding

0, values for each limit state. From the results in Table 7-1, the limit state of local
buckling of the compression flange has the largest o, due to the large scatter in the data

values.
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Figure 7.4 Variation of ﬁcy due to Scatter in the Experimental Data
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Table 7-1 Summary of o, for the Limit States of RCFT Beam-Columns
Limit Yielding of Yielding of Local Buckling Local
States Compression Tension Flange | of Compression | Buckling of
Flange Flange Web
» 0.53 0.24 0.76 0.29
O 0.036 0.036 0.036 0.036
O 0.193 0.193 0.193 0.193

The probabilistic representation of capacity given in Equation 7.8 was derived

assuming a log-normal distribution. Therefore, the coefficients of variations in the

normal space () can be expressed in terms of standard deviations in the log-normal

space ( £) using the conversion function given below (Nowak and Collins, 2000).

B =1n(8> +1)

[7.21]




Introducing the conversion stated Equation 7.21, the values in Table 7-1 become as

follows:

Table 7-2 Summary of £, for the Limit States of RCFT Beam-Columns

Limit Yielding of Yielding of Local Buckling Local
States Compression Tension Flange | of Compression | Buckling of

Flange Flange Web

B. 0.50 0.237 0.675 0.284

B 0.036 0.036 0.036 0.036

B 0.191 0.191 0.191 0.191

The standard deviations of the natural logs of capacities of RCFT members can be

combined as follows to obtain £, introduced in Equation 7.13. Table 7-3 summarizes

the S, values for each limit states

Bic = Be+ B+ B [7.22]
Table 7-3 Summary of £, for the Limit States of RCFT Beam-Columns
Limit Yielding of Yielding of Local Buckling Local
States Compression Tension Flange | of Compression | Buckling of
Flange Flange Web
Boc 0.536 0.307 0.702 0.344

7.2.2. Randomness of Capacity at the Local Level

The randomness at the local level accounts for the variation in the capacity of

RCFT members due to record to record variability. To the authors’ knowledge,

experimental tests on individual RCFT members subjected a series ground motion

records or quasi-static loading protocols are not common. Therefore, the standard

deviation of the natural logs of the local capacities due to randomness ( ) will be
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assumed as 0.20 as it is suggested in FEMA-350 (2000) for steel moment frame

structures.

7.2.3. Uncertainty of Capacity at the Global Level

The uncertainty in evaluating the global capacity of structures is governed by the
employed analysis methods. The assumptions, material models, and solution schemes
utilized to obtain the seismic capacity determines the magnitude of uncertainty. In
FEMA-350 (2000), the standard deviation of the natural load global capacity due to

limitations in the scientific method and information ( £, ) is assumed as follows:

Poc = \/gﬂNTH [7.23]
where: S, - the uncertainty in nonlinear time history analysis to represent the actual

behavior ( B, = 0.15 for 3-story structures)
7.2.4. Randomness of Capacity at the Global Level

Randomness in capacity at the global level is determined based on dynamic push-
over studies documented in FEMA-350 (2000), where global capacity and its dispersion
due to randomness ( S, ) are provided for 3 story steel moment frame structures. The
same capacity and dispersion values are adopted in this research study for RCFT frames,

where the global capacity is assumed as an interstory drift ratio of 0.1 and S, is

assumed as 0.07.

7.2.5. Uncertainty and Randomness of Demand

Two types of uncertainties that are assumed to be significant will be considered in
demand evaluation. The first one is the ability of nonlinear time history analysis to
simulate the actual behavior. The measure of dispersion for the accuracy of nonlinear
time history analysis ( £, ) Will be the same at the local and global level. /S, 1s 0.15
for 3 story structures from Yun et al. (2002). The second type of uncertainty is called as

the bias factor, which accounts for the accuracy of analysis procedure. The measure of
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dispersion for the bias factor ( 3, ) is calculated for various analysis methods such as
monotonic linear elastic analysis, monotonic second-order inelastic (push-over) analysis,
and linear dynamic time history analysis. The bias factors given in FEMA-350 will also

be used in this research for RCFT structures. S, and S,,, will be combined to calculate

B,pas given in Equation 7.24. £, is assumed to be the same at the local and global
level.

Bop = Bar + B [7.24]

The randomness in demand evaluations is calculated based on nonlinear time
history analysis results. The standard deviation of the natural log of the maximum
interstory drift ratios from nonlinear time history analysis ( £, ) represents the measure
of dispersion in the demand evaluations due to record-record variations. f,,, is assumed
to be the same both at the global and local level.

The seismic demand evaluation results of Frame Illa and Frame II1d that were
presented in Chapter 6 were utilized to obtain fS,, of RCFT structures. The variance of
the maximum interstory drift ratios is determined for both frames at 10%50 and 2%50
hazard levels. Then, the variance is converted into standard deviation in the log-normal
space to arrive at f3,,,. Table 7-4 summarizes [, values obtained for Frame Illa and
Frame II1d.

Table 7-4 Summary of f,, for 3-story RCFT Frame Structures

Hazar Level 2%50 10%50
Ila 0.13 0.09
I11d 0.23 0.31

7.3. Capacity Factors

Obtaining the measure of dispersions for the local and global capacity of the
structural members, the capacity factor can be calculated using the expression given

below, which was previously introduced in Equations 7.12 and 7.13.
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{*%g(ﬂﬁc *ﬂ(%'c )}

p=e

The factor £ in Equation 7.25 represents the slope of the hazard curve and it is assumed

[7.25]

3 for California. The b factor is taken as equal 1 following the recommendation by Luco

and Cornell (1998).
Substituting the S,.and £, values of the RCFT members, the capacity factors at
the local level can be quantified as given in Table 7-5.

Table 7-5 Summary of Capacity Factors for RCFT Members

Limit Yielding of Yielding of Local Buckling Local
States Compression Tension Flange | of Compression | Buckling of
Flange Flange Web
Bc 0.536 0.307 0.702 0.344
DPre 0.2 0.2 0.2 0.2
¢ 0.61 0.82 0.45 0.79

The capacity factor for global response of 3 story structures can be calculated by
substituting S, = 0.26and f,. = 0.07 into Equation 7.25 and ¢ factor is obtained as
0.897.

7.4. Demand Factors

The demand factor introduced in Equations 7.12 and 7.13 is assumed to consist of

two parts including ¥ and y_as shown in Equation 7.26.

{%%(ﬂ[zen +fip )}

y=e —yxy, [7.26]
y is termed as the demand uncertainty factor accounting for uncertainties emanating
from structural response and ground motion characteristics. On the other hand,

¥, quantifies the bias and uncertainty introduced by using a specific analysis procedure.

¥ and y,can be calculated as follows from Equation 7.26.
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N7 ﬂRD
¥y :eL"( )} [7.27]
The demand factor for RCFT structures is calculated by substituting f,, values into

Equation 7.27 as detailed in Table 7-6.

Table 7-6 Summary of y values for 3-story RCFT Frame Structures

Hazard Level 2%50 10%50
Ila 1.03 1.01
111d 1.08 1.15

The calculation y_ is performed using Equation 7.28. However, its value is dependent on

the analysis method to be used identified through bias factors provided in FEMA-350
(2000).

- eg(%)} _ e[gg(ﬁzmm)} [7.28]

7.5. Confidence Level

The reliability framework employed in the current performance-based design
provisions involves calculation of a confidence parameter that permits quantifying the
confidence level to achieve a specific performance objective. The confidence parameter

(A

con

) has the form given in Equation 7.29 as the ratio of factored demand to the factored

capacity.

Aeon == [7.29]

7.6. Intended Performance Based-Design Methodology

The design process starts by selecting the targeted performance level and the
corresponding hazard level. Based on the selected performance level (e.g., Immediate

Occupancy, Collapse Prevention), the capacity at the local level is calculated in terms of

deformation-based ( lscapacit},) or energy-based (fE cpaciny ) damage indices using the
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empirical formulations proposed by Tort and Hajjar (2003a, b). Note that, in this chapter
of the report, the resistance factor calculations are illustrated only for deformation-based
damage functions. However, the same procedure described in Section 7.1.1 can be
utilized to arrive at resistance factors for energy-based damage functions. The damage
index values at the local level are compared to their limiting values reported for different
performance levels by Tort and Hajjar (2003a, b). This comparison helps to identify the
local damage states to be checked for the targeted performance level. The global
capacity (C) corresponding to the targeted performance level is obtained from
recommended value based on incremental dynamic analysis. In the second stage, load
deflection curves of the RCFT members to be designed are constructed using the
available finite element methods. For example Figure 7.8 shows the lateral displacement
vs. shear force response of an RCFT column obtained from nonlinear static push over

analysis of the whole structure that the RCFT column serves as a structural member.
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Figure 7.8 Load Deformation Response of the RCFT Column to Calculate Damage

Function Values
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The next stage of the design process involves the analysis of the whole structure
for the selected hazard level using the available analysis methods such as equivalent
static load, static push-over analysis, or nonlinear time history analysis. The maximum or
mean deformation values for the RCFT members are obtained from the analysis results.
Using the maximum or mean deformation values, the current states of the members are
located on their load deflection curves from the previous stage. For example , Figure 7.9
shows the mean deformation level of an RCFT column obtained from nonlinear time
history analysis for a set of earthquake records. The time history analysis results are

superimposed on the static push-over response to evaluate the damage function values

imposed on the column. Following the calculation of the energy-based (bdemand) and

deformation-based (é‘dm,,d ) damage function values, they are checked against the
limiting values of the local damage states (concrete cracking, concrete crushing, steel
yielding etc.) so that the achieved local performance level is decided. The global demand
(D) of the structure is also determined from the analysis results. At the final stage, the
quantified values of demand and capacity of the RCFT structure are adjusted for
uncertainty and randomness both at the local and global level. The design is assumed to
be successful if the factored values of demand are greater than the factored values of

capacity and satisfies the targeted confidence level.
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Chapter 8

8. Conclusion

A computational study was conducted to develop an efficient and accurate
analysis method that will allows investigation of the seismic response of three-
dimensional steel and concrete composite structures with rectangular concrete-filled steel
tube (RCFT) beam-columns and steel girders. The analysis method was tailored with
comprehensive numerical algorithms and material formulations to account for the salient
features of RCFT columns. Following the calibration and verification of the
computational model against a large set of experimental and anlaytical results from the
literature, the formulation was used for examining the seismic performance of
representative RCFT frame structures. A reliability-based performance-based design
methodology was then proposed for quantifying seismic performance of composite RCFT
frames in the form of multiple structural demand and capacity parameters and also
evaluating the inherent uncertainties and randomness in the seismic response
assessments.

A distributed plasticity mixed finite element methodology was employed for the
derivation the three-dimensional RCFT beam-column finite element. A total number of
18 degrees-of-freedom (DOFs) were defined so that the differential axial deformations
between the steel tube and the concrete core can be accounted for. For each node of the
beam-column finite element, an additional 3 DOFs were introduced to define the
translational deformations of the steel tube and the concrete core independently. The
numbering of the DOFs was performed in such a way that automatic assembly may be
done without additional computational effort when an 18-DOF RCFT beam-column is
framed by 12 DOF steel girders. Among the translational DOFs, the shear translations of
the steel tube and the concrete core were constrained to be equal to each other via
geometrically nonlinear penalty functions. Therefore, the differential displacement

between the two media can only occur in the axial (longitudinal) direction of the element,
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which is governed by the bond-slip characteristics of the interface. The rotational DOFs
were defined commonly due to the inherent compatibility between the steel tube and the
concrete core since the concrete core placed inside the steel tube. Therefore, the first set
of 3 DOFs were assumed to be steel translations, the second set of 3 DOFs were assumed
to be steel and concrete rotations, and the final 3 DOFs were reserved for concrete core
translations. The stiffness and element internal forces were derived in the corotational
reference of frame, where rigid body modes of deformations were excluded in the
derivations. The statement of equilibrium was expressed based on the principle of virtual
displacements as a balance between the internal and external work done. Since the slip
deformation at the interface requires an energy input, the statement of equilibrium was
augmented with an extra term to account for the energy accumulation at the interface. In
the addition, the rest of the energy terms in the equilibrium equation were defined
separately for the steel tube and concrete core. Cubic-Hermitian and quadratic
interpolation functions were introduced for the transverse and axial deformation fields,
respectively. The Green-Lagrange strain measure was adopted to define the axial strains
along the element length. The curvatures were assumed to be the second-order derivative
of the transverse deformation fields exploiting the plane sections remain plane
assumption. The kinematic expression of the slip deformation was defined as the
difference between the axial deformations at the two nodes of the RCFT beam-column
element. Employing a distributed plasticity mixed finite element formulation, the
element internal forces were also treated as unknown variables in addition to the nodal
deformations. Therefore, two new equations of element compatibility and cross-section
equilibrium were introduced to be solved in addition to the element equilibrium. The
compatibility equation expressed the balance between the deformations obtained from
interpolated displacements and those obtained from interpolated forces. The force
interpolation was achieved by introducing linear shape functions for both bending
moment and axial forces. Consistent with the element deformations, the element forces
were defined separately for the steel tube and the concrete core. The cross-section
equilibrium defined the balance between interpolated forces and the forces obtained

directly from constitutive relations. In order to trace the load-deformation response of an
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RCFT beam-column element under externally applied loads, the element equilibrium,
compatibility, and cross-section equilibrium are required to be solved simultaneously.
However, due to their nonlinear nature, these equations are needed to be solved
incrementally. Therefore, they were linearized with respect to their state variables to
arrive at the expressions for element stiffness and internal forces. The calculation of the
element internal forces is often considered to be the critical stage of a nonlinear finite
element solution algorithm and it was outlined in detailed for the current formulation.
The internal force determination starts by solving for the incremental displacements in
the corrotational frame. Utilizing the displacement shape functions and kinematic
relations, the axial strain and curvatures were obtained along the element length. Then,
the compatibility equation was evaluated and it is multiplied by the element flexibility to
obtain the nodal forces. Interpolating the nodal forces, the cross-section forces along the
element length were determined. The cross-section forces were converted into cross-
section deformations in the form of axial strains and curvatures and a new set of cross-
section forces are calculated based on material constitutive relations. Then, the cross-
section equilibrium and compatibility equation were then evaluated subsequently to
determine their residuals. In the current formulation, those residual were transferred to
the residual of the element equilibrium to be solved through global Newton-Raphson
iterations. In order to have a finite element formulation to analyze full composite frames,
a similar distributed plasticity mixed finite element formulation was also developed for
an 12 DOF beam-column element to simulate steel girders or braces framing into RCFT
columns.

Investigating the inelastic response of RCFT frames requires developing
comprehensive material constitutive relations for the concrete core and the steel tube.
The constitutive model of the concrete core was developed to simulate the uniaxial stress-
strain response under both cyclic and monotonic loading schemes. Both the compressive
response and the tensile response were considered in detail. Based on the uniaxial
compression tests in the literature on stocky RCFT columns, it was assumed that the
concrete core behaves as plain concrete until the attainment of the peak compressive

stress, where it is described by an ascending type nonlinear curve. The confinement
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effect provided by the steel tube becomes effective following the breachment of the peak
compressive stress and it manifests itself by ensuring a mild linear strength degradation
response after peak compressive stress. No strength enhancement due to confinement was
considered consistent with experimental results. The concrete core was assumed to retain
a constant stress level at large compressive strain ranges. The monotonic tensile response
was assumed to be the same as plain concrete, where a sudden stress drop that
asymptotically reaching to zero was assumed once the tensile strength is breached. The
monotonic tensile response and the compressive response until the peak stress were
adopted from the existing models in the literature (Chang and Mander, 1994; Tsai, 1988).
In this research, empirical equations were derived to define the slope of the linear
strength degradation region and also to define the magnitude of the constant stress
maintained at high compressive strains. The data points to develop these equations were
obtained from the experiments in the literature, where concrete core was instrumented. It
was found that the slope of the strength degradation response is correlated with the
strength concrete and slenderness of the steel tube as a function of its depth, thickness,
and yield stress. The strength degradation becomes more severe if the strength of
concrete is high. In addition, the concrete core of RCFT beam-columns with slender steel
tubes experiences a larger rate of strength degradation. The same parameters were also
used to derive the equations for the residual compressive stress. The specimens having
high strength concrete and slender steel tubes were found to exhibit lower constant stress
levels. The equations were calibrated so that they are valid for RCFT beam-columns
having a wide range of material and geometric properties. The cyclic rules of the concrete
model were adopted from Chang and Mander (1994) as polynomial expressions defining
the unloading and reloading type response. Partial unloading and reloading type
behavior, stress reversal between tension and compression were modeled. In order to
increase the comprehensiveness of the formulation under random strain histories, new
rules were defined and implemented. The accuracy of the model was tested against
multiple cyclic loading tests conducted on confined and unconfined concrete specimens.
The constitutive relation of the steel tube was described using the uniaxial

bounding surface model proposed by Mizuno et al. (1991). The model had the capability
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to trace stress-strain response under both monotonic and cyclic loadings. The inelasticity
was simulated based on the evolution of the bounding and loading surfaces. The
bounding surface defined the limiting stress state that the material can attain. The
boundary between elastic and inelastic response was described by the loading surface.
Inelasticity was assumed to initiate once the stress state reaches the loading surface. It is
the distance between the bounding and loading surfaces indicating the degree of plasticity
that the material was subjected to. The model had the features of accounting for several
key phenomena typical for steel material including hardening, Baushinger-effect,
reduction of elastic response etc. The focus of this research is on RCFT beam-columns
with cold-formed steel tube, which exhibit different characteristics from those with hot-
rolled steel tube. The model by Mizuno et al. (1991) was modified so that the residual
stress patterns generated due to cold-forming process can be captured. This was achieved
by calibrating an initial plastic strain level from the coupon tests in the literature. In
addition, the flat plateau response of hot-rolled steel following yielding was not
implemented since cold-formed steel often exhibits a gradual yielding response. The
cold-forming process results in variation of yielding stress around the perimeter of the
steel tube. Therefore, different yield stress values were calibrated for the flat and corner
regions based on the coupon tests available in the literature. Under large compressive
strains, slender steel tubes experience local buckling type behavior leading to a strength
degradation type response. In this research, the steel model by Mizuno et al. (1991) was
augmented so that the local buckling phenomena can be accounted for. It was assumed
that a linear strength degradation region initiates once the strain level of local buckling is
reached and this softening type of response continues until a constant stress region is
attained. Equations were derived to define the strength degradation response and the
constant stress region based on axially-loaded stocky RCFT columns available in the
literature. It was found that as the slenderness of the steel tube gets larger (e.g., small
thickness, high yield stress), it becomes more susceptible to local buckling and
experiences earlier local buckling with more severe strength degradation with smaller
residual stress values. Examining the experiments on RCFT beam-columns under cyclic

loading schemes, it was found that local buckling generates a reduction in strength even
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if the amplitude of plastic strain remains approximately the same. This type of
behavioral pattern was introduced into the steel model by calibrating an equation as a
function of the plastic work causing a reduction in the radius of the bounding surface.
Therefore, the hardening type response typically observed in the absence of local
buckling turns into a softening type response once local buckling initiates. The model
proposed by Mizuno et al. (1991) was also used in this research to simulate the stress-
strain response of steel girders. The local buckling feature typically observed for non-
compact steel girder cross-sections was added to the existing model. Examining the
literature for monotonic and cyclic tests conducted on steel girders, equations were
derived to define the strength degradation and constant stress regions. In addition, the
reduction of the bounding surface as function of the accumulated plastic work was
described through equations calibrated with respect to cyclic tests.

The bond-slip response of the interface between the steel tube and the concrete
core was assumed to exhibit a bilinear type response, where a linear elastic region until
the attainment of peak bond stress is followed with a linear post-peak region having an
approximately zero stiffness. The push-out tests on RCFT columns available in the
literature indicated that the aforementioned constitutive relation is a realistic
representation of the cyclic bond-slip response.

The performance of the distributed plasticity mixed finite element formulation
along with the constitutive relations was assessed by analyzing RCFT specimens tested in
the literature and then conducting comparisons between computational and experimental
results. This was performed for specimens under different boundary conditions and
loading schemes. The verification studies were carried out under three main headings
including geometrically nonlinear elastic problems, slip-critical materially and
geometrically nonlinear problems, and materially and geometrically nonlinear problems.
In the geometrically nonlinear elastic problems, the ability of the mixed finite element
formulation was checked to predict the buckling load and the load deformation response
under the existence P-A and P-0 type geometric nonlinearities. Several numerical
algorithms were employed. The buckling load was decided based on the sign of the

minimum eigen value. The problems exhibiting softening type or snap back response
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were analyzed utilizing constant displacement arc length, and generalized displacement
arc length methods (Yang and Kuo, 1994). The mixed finite element formulation
produced excellent correlations with the analytical results for a wide range of problems
with the use of at most 3 elements along the member length, with 4 integration points
used per finite element.

The slip critical geometrically and materially nonlinear problems were studied to
understand the load transfer mechanism existing in RCFT members. The typical test
setup for these problems consisted of a simply-supported RCFT column framed by steel
girders. The loading was introduced as axial load proportionally applied at the tip of the
steel girders and at the top of the columns. The comparison of the results were performed
based on several structural response parameters including axial strain, slip, axial force
distribution along the element length. The mixed finite element formulation often
produced excellent correlations with the experiments when the stiffness of the interface is
set to 10* MPa and when the bond strength is assumed as 0.6 MPa. The geometrically and
materially nonlinear problems were studied under 5 different headings given below:

1. RCFT columns under axial loading

2. RCFT beams under pure bending

3. RCFT beam-columns under proportional loading

4. RCFT beam-column under non-proportional loading

5. RCFT beam-columns under cyclic lateral loading and constant axial force
RCFT specimens with wide ranges of material and geometric properties were studied as
described in Table 8-1. For the majority of the specimens, 2 to 3 finite elements per
member with 4 integration points were found to produce very accurate comparisons with
the experimental results.

The problems under dynamic loads were studied in two groups as geometrically
nonlinear and materially linear and both geometrically and materially nonlinear types.
Newmark-Beta ((y = 0.5, = 0.25)) time integration scheme was employed to solve for
the load-deformation response of the RCFT members. Lumped mass and proportional
damping idealizations were assumed. A small mesh size was selected for the

geometrically and materially nonlinear type problems to alleviate the lumped mass
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assumption for analytical solutions with consistent mass approach. In the case of both
geometrically and materially nonlinear type problems, a four-story frame structure tested
by pseudo-dynamic testing procedure was analyzed. The mesh size of the structure was
decided based on the instrumentation layout. The correlation of experimental and
computational results were satisfactory both at the global and local level.

The final verification study was performed for monotonically loaded steel girders
under three point bending and cyclically loaded steel cantilevers, where the number of
finite elements per member was selected as 4 and 3, respectively. The number
integration points retained at 4. The experimental load-deformation response of the
specimens was successfully predicted. In addition, the initiation of local buckling and its

effect on the load deformation response agreed with the experimental observations.

Table 8-1 Ranges of Material and Geometric Properties of RCFT Specimens Studied in
Verification Study

RCFT Loading | f',(MPa) | f (MPa) | D/t L/D P/ P
Type
1 21-110 194-835 | 15-74 3.0-5.0 na
2 22-88 285-490 | 17-44 1.5-8.6 na
3 31-103 254-420 | 15-27 | 10.5-34.5 na
4 21-110 269-781 | 32-53 3.0-4.9 na
5 18-40 298-590 | 22-24 | 6.0-18.0 | 0.15-0.40

A seismic demand assessment study was conducted on representative RCFT
frame structures. Two stiffness-controlled three-story frames with varying material and
geometric properties. The first frame had RCFT columns with conventional material
strengths and section sizes. On the other hand, the second frame was designed to have
RCFT columns having high strength slender steel tube sections combined with high
strength concrete. The records were scaled with respect to the first mode spectral
acceleration to represent 2%/50 and 10%/50 seismic hazard levels. Conducting nonlinear

time history analysis of the structures, the seismic demand was quantified in terms
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multiple structural response parameters including roof drift, maximum inter-story drift
ratio, base-shear, and deformation-based damage function values. For both structures,
the damage was found to be concentrated at the 1*' story columns. The material
inelasticity exhibited significant differences for both frames. The first frame with
conventional materials and cross-section sizes exhibited a wider range of local damage
states for both the steel tube and the concrete core including steel yielding, local buckling
of the flange, concrete cracking, and concrete crushing. On the other hand, for the
second frame, the damage was significantly concentrated on the steel tube in the form of
local buckling. However, for the studied frames, the mean values of the structural
response parameters did not exhibit significant differences. This is due to fact that both
frames were designed with respect to the strong column-weak beam requirement
exhibiting significant overstrength with respect to the design base-shear.

The final chapter of the report was devoted to introduce the recommended
reliability and performance-based design framework for RCFT frames. Following the
approach adopted in FEMA-350 (2000), the demand and capacity factor format was
adopted to account for the uncertainty and randomness in the components of the
performance-based design such as ground motion hazard, seismic demand, and seismic
capacity. The dispersion in the structural response parameters from the demand analysis
study was utilized to derive the demand factor of RCFT frames. The capacity factor was
calculated quantifying the dispersion in the damage function equations proposed by Tort
and Hajjar (2003) to estimate the capacity of RCFT member against local damage states.
Proposing the methodology to estimate the inherent randomness and uncertainty in
seismic design of RCFT members, a performance-based design approach was
recommended building on the prior work by Tort and Hajjar (2003) on capacity
assessment of RCFT frames and members.

The studies on seismic performance of the RCFT structures indicated that the
estimation of the initiation and the extent of the damage states of RCFT members is quite
challenging. The composite interaction between the two media leads to significant
differences in damage evolution. In their previous work, Tort and Hajjar (2003) focused

on deriving empirical capacity equations to estimate the performance of the RCFT
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members. Based on the available experimental data, the main criteria to identify the
damage was selected as the occurrence of the limit states such as concrete cracking,
concrete crushing etc. Despite the efficiency of this approach, the results in this study on
inelastic seismic and inelastic non-seismic behavior of RCFT member indicated that the
initiation of local damage states is sufficient to describe the performance since the effect
of local damage states manifest themselves on the load-deformation response through
accumulation and interaction with each other. Therefore, the performance of the RCFT
member should be related to more comprehensive damage measures. The distributed
mixed finite element formulation developed in this research was found to be a powerful
tool to derive damage measures that will address the performance of the structure and

structural members realistically.

8.1. Future Research Recommendations

Despite the intended comprehensiveness of the current study, there exist several
research areas that need further exploration in future studies. The future research

recommendations that will augment the current research study are summarized below:

- The experimental research studies on composite structures are increasing as new
testing and instrumentation techniques become available. Therefore, verification
studies can be expanded through analyzing new experimental tests in literature.
The tests having complicated loading histories with variable and multiaxial
loading conditions are typical examples to be investigated.

- In the material constitutive relations adopted in this research study, the
phenomena like confinement, local buckling, and multiaxial stress state were
implicitly accounted for through modifying the uniaxial stress-strain relations
based on the observed behavior at the global load-deformation level. New multi
dimensional material formulations allowing the simulation of confinement and
local buckling explicitly can be developed to improve the constitutive relations.

- The analysis of RCFT frames was conducted assuming rigid connections at the

beam-column joints. This assumption influences the accuracy of the assessment
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of seismic and demand capacity. New connection elements compatible with the
mixed finite element formulations of the RCFT columns and steel girders are
recommended to be developed.

The damage function equations provided by Tort and Hajjar (2003) provide a very
comprehensive definition of local capacity of RCFT members. However, for
some of the local damage states such concrete crushing and local buckling, a large
dispersion is evident in the experimental results. The damage function equations
by Tort and Hajjar (2002) can be improved by generating more data points from
the new experimental tests or from parametric study that can be done using the
current mixed finite element formulation.

The seismic demand and capacity assessment studies can be extended to a boarder
range of RCFT frames with different sizes or load resisting systems (e.g., braced
frames, braced and moment frame combined).

The mixed finite element formulation developed for the steel girders can be
applied to composite girders to have a more realistic representation of RCFT

frames.
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APPENDIX A

A.l. RCFT Mixed Finite Element Formulation

This appendix includes the supplementary equations of the RCFT beam-column
mixed finite element formulation presented in Chapter 2. It should be noted that the

variables not defined in this appendix can be found in Chapter 2.

A.1.1. Finite Element Discretization

The deformation fields along the RCFT beam-column are expressed using
interpolation functions of quadratic, cubic Hermitian, and linear types for axial

deformations, transverse displacements, and torsional rotations, respectively.

u= N, xq [A.1]
u= [u” vewut v’ ws] [A.2]
sc c C C C C s N N A N c S T
q=e* e 0 6, 0, 6,¢ 6, 6, 6 6, ¢, ¢ [A3]
L-isdt 0 0 0 o 0 0 0 0 0 -4k 0
0 0 L(-2%+D) 0 L(-i*+1) 0 0 0 0 0 0 0 0 [A'4]
Lo 0 L=+ 0 LEeR) 0 0 0 0 0 o 0
oo 0 0 0 0 -2t 0 0 0 0 Y
00 0 0 0 0 0 L{-2%+1) 0 L7+ 0 0 0
00 0 0 0 o 0 0 L=+ 0 L) 0 0|

where: i = x/ L

The element end forces in the corotational coordinates are defined as axial
moments and bending moments at both ends of the element defined for steel tube and
concrete core, separately. Linear shape functions are employed for approximating force
resultants along the element length. However, the transverse deformation fields from
Equation A.1 are also included in the force interpolation functions to account for the P-¢

effects while approximating moment fields. Equations A.5 and A6 illustrates the nodal
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force vector at the natural coordinates and cross-section force vector at an integration

point, respectively.

T
Q=[P Pr My M, My M, PPy M M, M M| [A.5]
D=N,, xQ [A.6]
i1 i 0 0 00 O 0 O 0 0 0
w' 0i-1 0 i 0 0 0 0 0 00
©0 0 i-10i 0O O 0O 0 00
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where: we = Lx (i-2xi®+i°)x @5+ Lx (-i* +i°) x &
vi= Lx (i-2xi%+i°)x 05+ Lx (-i* +i°)x 6,
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V= Lx (i-2xi%+i°)x &, + Lx (-i* +i°)x 6
A.1.2. Hellinger-Reissner Principle

In the Hellinger-Reissner principle, the virtual work equation of equilibrium and
the compatibility equation that is put in the form of a constraint using Lagrange

multipliers are combined as given in Equation A.8.

L L
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The displacement (,u¢,,u’), velocity (?u,2u’), and acceleration (5, 2u*) fields

defined for the steel tube and concrete core are stated in Equation A.9.
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The cross-sectional strains are expressed in terms of element deformations in Equation

A.10.
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Equation A.11 represents the first variation of cross-section strains.

5,d=N . x5 [A.11]
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A~ T
5d =66 6,k Sk 56" Skt 6,

0, =0 U+ V. XO WV + W xS W,
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0.8 =0’ + V', xOW + W, xO W,
O,k =0V,
511(‘; =0 W,
O,K; =0V,

s _ K
51Ky =0 W,

o (1N53)RR (1N53)RS
TNG), (N )

0 A+ A%e + ABie, C’6+CDE, C*6,+CDO, CDO;+D*6; CDO;+ D0,
0 0 E 0 F 0
0 0 0 E 0 F

'N

(Ng),, -

A+ A€ + ABe, C*6;+ (DO, C'0,+CDY, CDO,+ D¢, CDO,+D’¢, 0 B+ AB,e'+B’e,
0 E 0 F 0 0 0
0 0 E 0 F 0 0

0 00 0 0 B+ABe+B*e 0
(*N,)es=|0 0 0 0 O 0 0
00000 0 0

(lNoﬁ)SS =

(N,)s=[0 0 0 0 0

The deformation of the slip layer is introduced in Equation A.12.

A

1dsc = lN dA:C X lq [A].Z]

where:'N, =[-1i-2% 000 0 -i+2* 0 0 0 0 -4i+4i® 4i- 4]
The first variation of the deformation of the slip layer is given Equation A.13.

=IN . x5, [A.13]

s TV sd,

where:'N , =[-1i-2% 000 0 -i+2* 00 0 0 -4i+4i° 4i-4i°]
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The first variation of stress-resultant field in the last term of Equation A.8 is presented in
Equation A.14.

5D =8N 1y x7Q+ 2N, x57Q [A14]
0 00000 0O 00O O O
Sw' 00000 O 00O0OO
2 S 00000 0 000O0O0O
where: oNwm =1 4 900000 0 0000 0
0O 00000 6w 0000 O
0 00000 6y 000 0 O

Swe = 0(w+ ,w) = Lx (i-2xi*+i°)x 5,05 + Lx (-i* +i°) x0,0;
S = S(v+v) = Lx (i-2xi*+i°)x 8,0, + Lx (-i* +i°) x 5,65
Sw' = S(w'+ w') = Lx (i-2xi*+i°) x 8,65 + Lx (-i* +i°)x 5,0,
S = 8(W+v°) = Lx (i-2xi*+i°)x 8,6, + Lx (-i* +i°)x 5,6,

Multiplying the first variation of N ,, with Q and then factoring out the terms of 5,q

(from Equation A.7, e.9., 66, 86, 80;, 60,,, 60, 56,,, 60, 66,) a modified form
of 5(?D) can be expressed as in Equation A.15.
5fD:fND2 ><51q+me Xan [A.15]
0 0 0 0 0 0 0 0 0 0 00O
00 4x2P 0 BxP 0 0 0 0 0 000
Where:ZN 00 0 A'Xffi 0 B'XfPC 0 0 0 0 00O
17270 0 0 0 0 0 44X 0 Bx)P 0 000
00 0 0 0 0 0 AxP 0 Bx?*P 000
100 0 0 0 0 0 0 0 0 000

A= L(i- 2i* + %)

B'= L(-i* +i%)

2 P is the total axial force on concrete core
2P is the total axial force on steel tube

Substituting Equations A.9, A.10, A.11, A12, and A.14 into Equation A.8, the Hellinger-

Reissner variational principle can restated as in Equation A.16.
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fy -
.[ 1N;zfo xd' + J. 1N5T¢2‘(‘X1]€.YCX1NJWX1q xd'l+ J ND‘TG?leDSC xd'l
0 g g

lL )
~1Q, J. N, x(;d-,d) xdx+

0

51qT><

] . [A.16]
X2 +

[J.lpcxlN;’TXlN: Xlec_l_ IlstlNSTXlN;XleX

ye 1Vx

[J‘llu"‘xlleTxlN; «dW° + jlysxlN;TxlN; XleSJXiq

IVA le

L
éfQT{J‘ N/, x(l(j—ld)xdlx] =0

0
The terms5,q” and 52Q " are nonzero variables representing variations of the element

displacements and forces. Therefore, Equation A.16 yields two sets of equations given

below:

le;fo xd*x + J. 1N(;W><ll€$cxlNéﬂ x,qxd'T+ J' lN(;u x'D, xd'1

0 . i ot

“1Qu + [INF, x(d-,0) e AL7]

g=
[lecxlNufolN; xd'WV< + Jl,o’rxlN:T><lNl‘4Y xle“]qu+

ye le

[JlﬂcxlN:TxlN;‘ XleL‘ + j‘lﬂsxlN:TXlN: XleS]Xiq

1V<‘ lV.\'

L
V=[N x(d-,d)xd% =0 [A.18]

0

A.1.3. Consistent Linearization of Compatibility Equation

The element compatibility stated in Equation A.18 is nonlinear with respect to
the state variables of g and ’Q since,d andlé are functions of ’Q and,q, respectively .

The incremental form of the compatibility equation needed to derive the consistent
tangent stiffness equations can be obtained by consistent linearization. The Taylor series
expansion of Equation A.18 about the current state can be stated as in Equation A.19.

The second and third terms on the right hand side of Equation A.19 are expanded using
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the rules of differentiation following the substitution of the terms (,q + eAQ) and
(?Q + yAQ) . The third term on the right hand side of Equation A.19 is simplified into a

single term since 2N ,,and , d are not functions of 2Q and therefore their derivative

with respect to y vanishes.

, - d d
V"”=V’+E | V(a+ara)+—— | V(;Q+AQ) [A.19]

a,y=0 d7/ a,y=0

where:Aq=|Ae* Ae“ AG; MO,

Vi

T
MG NG AE MO MG, MG MG, Ae, e

i

j—an_OV(lqwt ahg,;Q + AQ) = {j_aayl_o(ngl)x(ld—ld)xdlx+
:
J.LZNT xi | (,d-,d)xd%
01 D1 d a,yzol 1
0 00000 0 00000
Aw 00000 0 00000
td o HAy 00000 0 0000 O .
Joﬁa,y':o(N“)x(ld”d)de:IO 000000 0 0000 o Wdndxd
0 00000 Aw 00000
0 00000 Av 00000
Y A
== 1 (N x(d—d) xax
o A0 ay=0
(00 Axd_d(2) Axd_dd) Bxd_d(2) Bxd_d 0 0 0 0 00
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
- jo 00 0 0 0 Ad d§ Avd d(§) Brd 4 Bxd d@ 0 0 0] %"
0 - - - _
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
00 0 0 0 0 0 0 0 0 000
=M, x Aq
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d_d(2)=,d(2)-,d(2) d_d(3)=,d(3)-,d(3)

d_d(5)=,d(5)-,d(5) d_d(6)=,d(6)-,d(6)

1L d 1L

ij xd— | (1d)><dx— j N/ x'N Axdlx x AQ=2G, x Aq
0 A q,y=0 0

¢ d fod @b, o,
{fN;lxdaa,J_o(l )xd' = j N7 x o, —D o, | D

'L
J
= [I INJ okt x Lx P | (fNDleQ)xdlx]

0 Ol ¢,y=0

'k *is the section flexibility matrix in C1 configuration (inverse cross-section

stiffness)
T e aa Qe AQ) - [ INLx L | (d)xa?
a4 ’ _ a4 .
dj/ a,y=0 ! 0 v d7 a,y=0 !
4 od b, d
_ 26 T 1
__'!;1ND1X0,,5D2 X é’zD d aylo(lD)de
L

= - Inglxlk‘leNDl xdx|x AQ

0
=-1H;; x AQ
The linearized form of the compatibility equation to use in the state determination stage
can be obtained by Taylor series expansion of Equation A.18 with respect to *Q while

holding , q as constant.

. o d
V=V — | VCQ+ aAQ) [A.20]
dya,;/:o
L
where: — | V((Q+AQ) = - d) xdx

p» w|0 ((Q+ Q) J o 16D

1L 9
cd gD d
_ ZNT 1 e 2D dl

£1 XﬁszX 7D Xd w|=0(1 ) xd'x
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L
== ij&Xlk_leNdelx x AQ

0

=-2H, x AQ

A.1.4. Consistent Linearization of Equilibrium Equation
Linearization of the equilibrium equation yields expressions to derive the element

tangent stiffness. Examining Equation 2.50, it can be seen that the equilibrium equation
is expressed in terms of the states variables including ,q, ’Q,?Q,.,, 2¢, and?¢. The

Taylor series expansion of the equilibrium equation about the current state can be

expressed as follows:

. d _ L .
Mg/t — | g(g+aAq,iQ+AQ.2Q,, + AAQ,, . iq+ 620 + 1Ad)

do a,2,8,0,1=0

d . o .
t—- 1 gGa+ aAq,;Q + AQ,7Q,, + AAQ,, .10+ OAG,IG + 1Ad)
Y a,x,8.0,7=0

+— | g(,a+0Aq,iQ+AQ.Q,, + AAQ,. .24 + OAG, G + nAd)
dﬂa,i,ﬂ,&,iyzo

+— | g(a+aAq.iQ+4MQ.Q,, + AAQ,, .24+ OAG. TG + nAd)
de a,A,p,0,n=0

o] g(d+ardQ+ AQIO,, + AAQ,, 10+ MG + 7Ad)
1 «,2,5.0,7=0

g

[A.21]
The expanded forms of the terms on the right hand side of Equation A.21 are obtained
following the substation of the variables,q + eAq, 2Q + )AQ, Q.. + AAQ..,,
g+ 6AqQ, ig+ A into Equation A.17 and performing the derivatives with respect to
the Taylor Series expansion parameters of «,y , £, 6, nand evaluating the derivates

when ¢ =0,y =0,=0, §=0,and =0.

374



L g(lquq.wiAnyQm+ﬂAQm,fQ+9Aq,fCI+f7Aq){jd | ch)Xfoxd&Hle;xd | (fD)xd]x}
dat ey pon-o 0 A0 ay poa=0 ° Q ay poa-0
a4 (1NJTJ )xll;wxlNM ><(1q+aAq)><dlx}+{J.lN{; xi | (IIEJ[‘XINM. ><(1q+aAq))><d5c}+
K daaypon-o . o daaypen-o «
_lLd INT 1 1 lLl T d 1 1
_ { %aw"emo( N7, )x'D, xd 1}{ { NZ XEW‘/]!M:O( D,)xd 1}
[Eay (fN;z)x(lé—ld)xdleij;Zx”’ | (ﬁ—mxd&}
K dt ay p6.4-0 0 O ay p00-0
L) )|
LA a7 p.0.1=0
j 4 | NSNS xd W x (34 + OAd) + j a | oINS IN xd W x(g +€Aq)} +
| e daa‘,v,ﬂ,O‘r]:O s daa,y‘p,o,,;:o
L NN )+ [ NN x(iquq‘)}
| e daa‘y,ﬁ,ﬁ‘qzﬂ s daa,y,ﬁﬂ,lyzo
[A.22]
1Ld
where |[© | 1NMA)XfDxda‘:
2 daay o
0 0 0 0 0 0 0 0 0 0 0 0 0
04 0 0 0 0 0 0 0 0 0 P4 0
000 ¢ 0 P 0 0 0 0 0 0 0 0
0 0 0 ¢ 0 o 0 0 0 0 0 0 0
000 0 0 DY 0 0 0 0 0 0 0 0
JO 0 0 fpcD O RDY 0 0 0 0 0 0 0
oo 0 0 0 0 £ 0 0 0 0 0 (P48 d¥|xm=
o0 0 0 0 0 0 ¢ 0 D 0O 0 0
o0 o0 0 0 0 0 0 ‘* 0 D O 0
000 0 0 0 0 0 0 P 0 0 0
000 0 0 0 0 0 0 ‘P O D" 0 0
o4 0 0 0 0 0 0 0 0 0 PF 0
00 0 0 0 0 4 0 0 0 0 0 !PF]
=ng><Aq
'L L
JllNTAxi | (ZD)xdlx = JlN?sz xdx |x AQ = %G, x Aq
! od daa,y,ﬁ,@,r]zo 1 A od 1" D2 1~2
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L
d 1 T ) 17 1 1
— N _. k. x'N_. dx|=0
[J;daa,y,/;,g,,,_g( si, | KX Ngg *1Qxd x
1L d
1 T X — | (l];XlNﬁ X(q+0!><Aq)><dlx
{ Mo daaypag-o o, M
d In T 1 1
Ii | (NM)XDS(,Xd1=O
1, A0 ay pon-0
d
[INL x—— | (D,)xd¥|=0
M daaypon-o
r1, ;

s

JINL XN Xdlx] xAg="K,. x Ag
0

4

L

'L L
d d A d
INp, x — d-.d)xdx|=| [N}, x — d)xdx- | N, x — d)xd
_'([1 b2 daa/lﬂﬁu ! ' ) '([1 b2 daa,;/,ﬁ!ﬂ,uzo(l ) J;l b2 daa,y,ﬂ!ﬁ,ﬂzo(l )
'L 'L
= J‘ngleN&]2 xdlx—ijglek’leNszdlx
0 0
= [szTXAq+szz X Aq]
d 2
o an = 0
{dd a,;«,ﬂ,&,q:d( t)
i d r a1 d ' ..
— | p xN¢ xijle‘x2q+J— | o x NS x N2 xd'W’x%G| =0
| e daa,y,ﬂ,ﬂ,r]:O 1ys aa,}/,ﬂ,@,n:0
i d T ) d ‘ T .
| N NS xd YR [ o= | NS N xd xR |= 0
1ye daa,;/,ﬁﬂ,r]:0 1ys Qay pon=0
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d fd d
7 | g(,a+aAq,;Q+7AQ,(Q,, +AAQ,, 16 +6Ad,d +nAd) :{J.d (1N§d~)><fDXd1X}@ Ny @ | (D)Xa’lx}+
Y ay.po.0=0 0 Y ay.po.0=0 0 Y ay.po.0=0
]Li | (N )X XN x(,q -+ aAg) xd'x |+ IJLIN? L N x(,q+ aag) xd |+
Ay appon Mo © M dy appaao e
'1Ld 1
jf | (NJ XD, xdT |+ leT 4 ('D,) xd'T |+
_Od}/a‘y,/fﬂnzo L e d}/a/ﬁﬂvo
_1Ld 2 T T 7
[== 1 NG d) xd' |+ IND2 | (d-,d)xd% |-
_Od}’a,yﬂﬁn:O dy aypon=0
[d
. | (erxt+ﬂAQext) +
_d}’ a,y,8.0,7=0
_d 1 e anel e Ly7e 2.4 . d 1 s Ang st OIngs o glyrs 24 .
jf | pEINE XN xdy x(1q+9Aq)+J.— | oINS NS xd 7 x(2 + OAd) | +
| e d7 ey 00 3 AY ar =0
_d 1oe dnel inpe o glrre d 1os Iy sT Inys o alrs (24 5
| IS AT G A+ [ = | e IND O xd P (G + nad)
Bz d}’wy//ﬁvnzﬂ s d}’a//iﬁnf’
[A.22]
1L d
where: I— | (1N§j)><fD><dlx =0
0 AV ay.pon-0
1 1
LlNT i D) x gy | = LlNT i 2N 2 Jl
&;Xd | 1Y)xax) = chi | iNp x(1Q+7AQ))xd x
0 V ay.p.0.=0 0 V ay.B.0.=0
'L
= J. lN;}foD1 xd|[x AQ
0
2AT
=;6; xAQ
1L d
inN T 17 1 1
'[d_ | ( N&?..)X ko x Noz?..xqudI =0
0 Y ay.p.6,7=0 se se
a5 J
T L Y 1 1| _
JNSﬁchd | (kx ,;S)qudI—O
0 Y a.y.p.6.9=0

4 (1NTA)1D xd¥ |x,q =0
6,7=0 5

116117/,1,7,/1,,: e
i Ing T d 1 1
[*NZ x| (*D,)xd¥|x,q=0

i ¥ d]/ a,y,B,0,n=0
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d A .
4 (ngz)x(ld—ld)xdlx :{j(ANgz)x(ld—ld)xdlx
0 AV a.y.p.0.1=0 0
00 0 0 0 0 0 0 0 0 000
00 A4P 0 BxP 0 0 0 0 0 000
]LAN’ i e ]Loo 0 AdR 0 BB 0000 000 L
WNaD80d= 0 g g 0 0 gap 0 map 0 oo WO
00 0 0 0 0 0 AP 0 BxiP 000
00 0 0 0 0 0 0 0 0 000
= M!xAQ
'L
d .
[Jngzxd— | ld)><a'1x]=0
0 Y a.y.8.0.7=0
IL d lL
ijgzx— | (1d)><a’lx = Inglek'leND1lexdlx
Y Ay ay.pon-0 o
L
= JnglekileNmX(fQ_lQ"'?/XAQ)Xle
0
L
= Inglek'leNDlxdlx x AQ
0
=1H;; x AQ
d 2
- -0
{d]/ ayyﬁ,lg,n_O(lQeﬂ ):|
o d | d
= | 1pcx1N;Tx1lexlecqu+J— | 1psxleTx1lexlesqu =0
_1Vc 70:,7,/?,6,7]:0 1ys 7a,y,ﬁ,€,q:0
i d d
NN [ | NN xd g = 0
| e 7a,y,ﬁ,€,17:0 lys 7a,y,ﬂ,¢9,17:0

378



<
dﬁa‘y,ﬁﬂ‘qzﬂ

L 'L
g@ququwAQme+ﬂAQm?q+eAq?q+nAq)—{jjﬂ | (m)xfoxdlele;xd | (fD>xd1x}+
0 ay,p.0,n=0 0

dﬁa,y,/!,ﬂ,rzzo
L L d
1N zl; N . x(,q+0Aq) xd™ [+] | N7 x— %k x x(,q + aAq)) xd™ [+
{ B NG RN (0 + ) gl 5 g NG, X0+ akq)
lL d lL
jf | (NL)XD, xd¥ |+ leA (D, ) xd¥ |+
Lo dﬂa,y‘ﬂ,ﬂ,rzzo SC 0 s dﬁarﬁ&u 0
e
— (N d ) xd’x NT X — (d—d)xdlx—
_Odﬂa,y,ﬂ!ﬂ,n ot 1 b2 dﬂayp|sq 0 !
L o, em))s
_dﬂa,y‘/iﬂm:() 1¥ext ext
_ [ A NSNS xd T x (4 6A) + j G NN xd 7 x(q + ) | +
5 ABay pon-o Afay pon=0
e | N NS xd Ve x(2 + nad) + j o N NS w7 <+ )
R dfay.poa=0 ! ' ' AP aypon-o ‘ ' '

[A.23]

On the right hand side of Equation A.23, the only non-zero expression is the ninth term

since the rest of the variables are not functions of *Q

L
dea,y,ﬂ,ﬂ‘q 0

ext *
d
2
di ,6‘|€ 0(_1Qext_ﬂAQext) = _AQext
ay.B.0.n=
i
€0+ a9 1Q 8010, +AAQ.. 1+ M) | [ | (N D |+ J NGxL | D)+
Od ay ﬁﬂl]o dga//iﬂno
’1Ld 1 d
— INT )2k, ><1N +aAq) xd'x [+ | 'N] x— 2k, %N . x(,q +aAQ)) xdx |+
{ . ) NG ) x(,0+0Aq) J J g b (BN X+ asg) xdy
ta 1 d
— INIOYXD. xd' |+| ['NT x— D ) xd¥ |+
J[;dea,;/,ﬁ!ﬁ‘qzﬂ( bdgt) * e dea,,v,ﬁ!ﬁ‘qzﬂ( “)

lL d
NI x d—d xd*x |-
J[;l D2 dea/ﬂ|€n0( 1d) xdx

d 2

— + A +

i 0ay’_/‘ﬂ!€‘uzo(10w A Qw)J

[ d 1 e iz el Jin e ly7c d 1 s AN sT UIn s ly7s 2 .
[ 1 pdNONG xd e x (g + ng) + j | oINS N xd W x(3q +6A9) | +
|1y dBOaypog-0 dBaypon-0

_d 1 e iz el Uinje o glpre d N sT N s o g1y 24 o
[ 1 NGOG xd W x(Ga+ nad) + J | IS IN G xd Y <+ mAd)
k2 By poa-0  dOuy pon-0

[A.24]
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In Equation A.24, all the expressions on the right hand side except the tenth term are not
functions of the state variable?g . Therefore, the only nonzero term on the right hand side

of Equation A.24 is the tenth term as given below:

d d
where: {I Dy NN g 0n 00+ [ 5 1 OWN;TXINJXWx(iqwmq)}
. 1ye a,y.po.n= ay 0=

[N N xa e ag+ [N ONS xa qu}

ye s

L 1
| garada QI + 0, J0 s ) =| [L | (N D[+ NI <L | D)+
dﬂa,;/‘/l,(i,no AN ay /19:;0 9 dnaypos-o0

[ a _ K d

[ (N )i N x(, +aAg) xd' |+ j NG x== | (koxiNy x(,0-+aAq) xd'x |+
K d?]a‘;’,/fﬂ,uzo < 5 0 e df]a 7.8,0,1=0
'1Ld 1y

jf | (N XD, xd'T|+ le, (D, ) xd'l |+

o dMaypono 0 e dl7a //wu 0
_lLd A

[== 1 CNR)x(d—d) xd'x |+ 1N£2><— | (d-d)xd’ |-
_Odna‘;/ﬁo,;:o dnay.pos=0
M 2
d77] /}|H 0(1Qm + ﬂAchl) +
LdNaypon-
—d 1 eoan el Jan e o glyre d s N ST 2N S o gl (2 .
— ] NG XIS xd T x (0 +6A0) + j | Ny NS xd W x(G+ 0Mq) | +

| - dnaypon=o ,dNay pog=0

_d 1 co2n el vange o glyre d 1 so2n st O2n s 1y7s 24 a

[ == 1 prdNGTXING xd W x(Gg+ nad) + j |, o INAND Y X+ )

| iy df]a‘;/,ﬂ,OJ]:O df]a

[A.25]
In Equation A.25, all the expressions on the right hand side except the eleventh term are
not functions of the state variable®j . Therefore, the only nonzero term on the right hand

side of Equation A.25 is the eleventh term as given below:

d o c c c d 5 s 5 s
where: {J[m 1NN (i xag)+ Jdn o NN Y (G ag) -
. 1pe ay.p.vn= ay =

[2orNT AN xd e x A+ [ 2o N XN xa W x A

1pe 1ys

A.1.5. Derivation of Cross-Section Stiffness

In the current research, a fiber-based distributed plasticity approach is employed.

RCFT cross-sections at each integration point along the element length are divided into
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individual concrete and steel fibers as shown in Figure A.1. These material fibers are
associated with a constitutive model. During nonlinear analysis, the state of each fiber is
updated based on the current strain calculated at the centroid of the fibers. Exploiting the
assumption that plane sections remain plane and normal to the longitudinal axis, the
centroidal strain of a material fiber is calculated from the cross-sectional strain and
curvatures. The cross-sectional force and stiffness terms are then calculated through

numerical integration over the steel and concrete fibers.

A’E_T_T_T_T—r‘))\
A
EH
RCFT_ || = || steelTube || + [ Poncrete
% % | Core
X /’ S s s

Figure A 1 Discretization Scheme for RCFT Cross-Section

Incremental cross-sectional strains can be related to the fiber strains as given in Equation
A.26.

=Y x Ad [A.26]

A
Ae= ,
Ag’

where: A g°is incremental axial strain of concrete fibers
A g°is incremental axial strain of steel fibers
Y is the compatibility matrix

F -y, -z, 0 0 01

YZlo 0 0 1 -y -z

N

v., z,coordinates of concrete fibers with respect to y-z axes
v, , z,coordinates of concrete fibers with respect to y-z axes
Using the Hooke’s Law, the relationship between incremental fiber strains and stresses

can be developed as follows:
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Ee 0

:E A =
t>< € O 1Es

X

A o€
Ao=
Ao’

aet [A27]
A&’ '

A ofis incremental axial stress of concrete fibers
A o’ is incremental axial stress of steel fibers
'E“is tangent modulus of concrete fibers

'E*is tangent modulus of steel fibers

Incremental cross-sectional forces can be expressed as given in Equation A.28:

'L 'L
ADZJYTXAO'XdA:[J.YTXEtXYXdAjXAdA:kXAdA [A.28]

0 0

where: k is the cross-sectional stiffness matrix

EA° -EQ° -EQ° 0 0 0
- EQ° EIf  EI 0 0 0
K - EQ¢ EI°.  EI° 0 0 0
_ T _ y vz y
k—[J;Y xEtxdeA]— 0 0 0 EA - EQ - EQ’
0 0 0 -EQ EI EI
0 0 0 -EQ EI. EI

The cross-section flexibility matrix is obtained by taking the inverse of cross-section

stiffness matrix.
f=k" [A.29]
where: f is the cross-section flexibility

Within the formulation, the locations of the fibers are assumed to stay constant with

respect to the reference axes located at the centroid of the cross-section.

A.2. Mapping of Element Forces, Displacements, and Stiffness
between Natural and Global Coordinate Systems

A.2.1. Transformation of Element Forces
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The incremental element forces in natural coordinates can be transformed into
incremental element forces in local coordinates as given in Equation A.25.
AQint = Tl\-lrL X A6int [A'25]

where: 4§ :[Aé" AV AVD MM, AM, AP AVS AVS APY AV AV MM, MM, APC AV AV/]

int

AQu=[sBC AP° N M, M My B' M M, M; M, B P

-1 0 0 0 0 0 -1 0 0 0 0 00
0 0O 0 0 0 0 0 1/L 0 1/L 0 0 0
0 O 0 0 0 0 0 0 1/L 0 1/L 0 O
0 O 0 -1 0 0 0 0 -1 0 0 0 0
0 O 1 0 0 0 0 1 0 0 0 00
1 -1 0 0 0 0 0 0 0 0 0 0 o0
0O o0 1/L 0 1/L 0 0 0 0 0 0 0 0
T 0 O 0 1/L 0 1/L 0 0 0 0 0 0 0
NETH10 0 0 0 0 1 0 0 0 0 00
0 O 0 0 0 0 0 -1/L 0 -1/L 0 0 0
0 O 0 0 0 0 0 0 -1/L 0 -1/L 0 O
0 0O 0 0 0 -1 0 0 0 0 -1 00
0 O 0 0 1 0 0 0 0 1 0 0 0
-1 1 0 0 0 0 0 0 0 0 0 0 0
0 0 -1/L 0 -1/L 0 0 0 0 0 0 0 0
10 O 0 -1/L 0 -1/L O 0 0 0 0 0 0]

A.2.2. Derivation of External Stiffness Matrix
The unbalanced forces (1IfU) generated due to rigid body motion (Figures 2.13d,

2.14d) are presented in vector format as given in Equation A.26.

A A A A A A A T
1 1 1 1 1 1 1

FU = [ Fpa Fu Fre Fst FM,' Fch] [A.26]
where:

T
1 s 1ygs 1 s lags

. (fageiaey) o (tageims) N o

FPw: - lL lglgy_ 1L ><101*gz _P ><10)‘gz _P ><19rgy
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e 1pc 1pc
FPci_ - lL lergv_ 1L ><1 rgz -'P Xl rgz -P ><10@3/
T
e (aen) )
— K s
FPS] 1L Xlergy+ lL ><1 rgz legrgz leergy
12 T
F,=[0 0 0]
T
I T IR O Ve O A
_ ¢ c
P¢j 1 L Xlergy + 1 L ><Zl.ergz Px 19rgz p ><:I.elqu

Rigid body rotation of the RCFT beam-column element with respect to local yand z
axes produces the deformations of 4, 4. given below in Figure A.2, respectively.

rgz

1L 1L

gy

Figure A 2 Rigid Body Rotation of the RCFT Beam-Column in Local Coordinates

4., and 9__can be expressed in terms of lateral translations as given in Equations A.27

and A.28, respectively.

s K c c
é lezj_lezi lezj_lezi A 27
1%gy — 1 - 1 [ . ]
L L
K K c c
é _ leyy’ leyi _ leyj leyi A28
1%Yrgz — 1 L - 1 L [ ' ]
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Substituting Equation A.27 and A.28 into Equation A.26 and factoring out the terms of

.G, 'K, can be derived as in Equation A.29.

A A
1Fo="K. x4 [A.29]
where:

R T
AC AC AC
0 ey 18 165

N AC AC AC AS AS AS N N
0, e 16 18 18y 1€y 1€ 0; 16 G 1% 18y

A | oas AS As h h
A=1ey ey 16 10, 4,0 i 16y 18 18 18 1Y% 1Yy

While deriving * K. additional terms that are canceling each other was added to ensure

the symmetry. This was performed based on the assumption that the axial deformations

at two ends of the members are equal to each other under rigid body deformation (e.qg.,

e =1es, en=1e;) (Yang, 1994).
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